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List of Symbols

Ay Cross sectional area of 2 reinforcing bar.
A {ross secticnal area of concrete section.
Effective area.

Ay Total longitudinal stecl area.

Ay Cross sectional area of the steel shell.

b Effective joint width.

¢ Section neutral axis.

o Concrete compression force.

C,” Reinforcing steel compression force.
Coey  Steel shell compression force.

D Column diameter or width.

D, stegl shell outside diameter.

D, Steel shell ingide diameter.

d, Diameter of reinforcement bar.

E. Young’'s modulus of concrete or initial langent modulus of elasticity of concrete.
E Young's modulus of reinforeing stecl.

F..  Sccant modulus of elasticity of concrete.

E . Young's modulus of steel shell.

i Concrete compressive strength.

J.”  Unconfined concrete compressive strength,

1.’ Confined concrete compression strength.

5 Effective lateral confining pressure.

J Horizontal axial stress in the joint region.
7 Vertical axial stress in the joint region.
£ Yield strength of steel reinforcement.

F Yield strength of steel shell.

£, Reinforcement yield strength at overstrength.

1y Effective moment of inertia.

B, Depth of pier cap.

k..,  Height of curvature cell.

Ly Development length of reinforcing steel.

L en  Distance from the cap beam interface to termination of the connection reinforcement.

L, Distance from the column inflection peint to the underside of the cap beam.
M.  Column moment.
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P Column axial load.

P, Horizontal axial force on the joint.
P Vertieal axial foree on the joint.

¥, Reinforcing steel tension force.
Ty Steel shell tension force.

! Steel shell thickness.

Ve Column shear force.

¥ Lateral load at first section yielding,
F, Lateral load at section yielding.
Lateral load at ideal flexural strength
Vertical joint shear force.

vy Vertical joint shear stress.

W, Length of curvature cell.

&

: Reinforcing steel foree participation factor.
Steel sheil force participation factor,

b | Lateral deflection.

4, First section yield displacement.

A Yield displacernent.

A UHtirnate displacement.

£ Displacernent ductility.

i Joint principal tensile stress.

P Volumetric ratio of the steel shell.

@ Section curvature,

F

@, Experimentally determined average curvature.
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Abstract

This report describes the research investigation of a full-scale bridge bent conducted for
the State of Alaska Department of Transportation and Public Facilities. The bent consisted of
three cast-in-place steel shell columns and was designed using research findings from recently
completed projects at the University of California San Diego (UCSEY) to ensure a ductile
performance under seismic loading.

specific tasks investigated in this research project were: (1) columm longitudinal
reinforcement ratio, {2) straight bar anchorage of the column longitudinal reinforcement into the
beam/column joints, (3) termination of the column steel shells below the cap beam, {(4) flexural
design of the cap beam to sustain maximum feasible input moments from the columns, (5) shear
design of the cap beam, and (6) design of the cap beam/column joints. Test results were then
used to validate the procedure presented in this research project for the seismic design of
reinforced concrete bridge bents with multiple column Cast-in-Place Steel Shells.

Fellowing the design of the test unit, the monotonic force-displacement response was
predicted using a push-over analysis program, and seismic testing of the full-scale structure was
subsequently conducted. Experimental results indicate that the test unit responded in a ductile
manner with celumn moment capacities developing in preselected hinges, and the ultimate
displacement capacity was characterized by low cycle fatigue fracture of the coluruns
longitudinal reinforcement, which matched satisfactorily with the theoretically predicted failure
mode. In addition, processed test data and test observations confirm that no joint failure
occwired, which ensured the development of the column ultimate moment capacities.
Consequently, corroborated by experimental investigation, the design procedure was adequate
in ensaring a ductile performance of the test unit. In this report are presented: {1) the design
details of the test unit, (2) results of the pushover analysis, (3} test observations, (4) reduced test
data, and (5) seismic design recommendations.
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1 Introduction

Ower the past thirty years there has been a continuous effort by structural engineers and
researchers to develop procedures for the seismic design of reinforced concrete bridge structures
with an intension of avoiding structural failures in scismic zones. Seismic design of bridges in
the Umted States and many countries abroad is currently based on a capacity design philosophy
[1]. A fundamental basis of this selsmic design method relies on carefully selecting and detailing
regions where inelastic actions are to occur during seismic events. Furthermore, ali other regions
are designed to remain elastic under seisrmic loading according to a strength hierarchy sufficient
to cope with potential strain hardening and uncertainties in matcrial properties.

Consistent with the principles of a capacity design philosophy, the ideal approach for the
seismic design of reinforced concrete multiple column bridge bents is to conveniently select
plastic hinges to form in the top and bottom of columns [1]. As plastic hinges develop in the top
and bomtom of columns, inspection and repair can be achieved without significant traffic
disruption, and a ductile performance is easily achieved by the confining action of steel shells
and/or transverse reinforcement. Thus, the earthquake energy is dissipated in the column plastic
hinge through hysteretic damping. In addition, cap beams are protected from any significant
inglastic actions, as these members are not conventently used to provide encrgy dissipation.

1.1 Background

In reviewing reports and publications concerning the seismic performance of bridge
structures in recent earthquakes, there are a considerable number of reports that document
numerous failures in bridge structures. For example, during the 1971 San Fernando earthquake,
anchorage failure of a column longitudinal reinforcement occurred by pull-out of the entire
reinforcement cage from the footing. In this footing the top layer reinforcement was not
provided, and as a resnlt, a proper transfer of forees did not develop for the anchorage of the
column longitudinal reinforcement [1]. Other cxamples demonstrated the impact of brittle shear
failure of columas in the unsatisfactory performance of bridge structures under seismic actions,
as documented from the 1987 Whittier and 1994 Northridge earthquakes [1]. These types of
failures developed as a result of inadequate transverse reinforcement and lead to rapid strength
degradation. Cap beam failures were also documented from previous earthquakes mainly as a
result of shear failurcs, premature curtailment of the negative moment reinforcement (top), and
anchorage failore of the cap beamn longitudinal reinforcement in the cnd regions [1]. Moreover,
other types of failures were also documented in the connection between the cap beam and the
columns. These are some of the documented failures from previous earthquakes, which lead to
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a rapid strenpth degradation, low energy absorption struclural systems and must be avoided if
a proper ductile response of a bridge structure 18 desirable.

Following these major carthquakes, extensive experimental and analytical smdics were
conducted at UCSD to evaluate these failures, provide design guidelines and prevent future
catastrophic failures of bridge structures. Assessment of a number of design details of bridge
structures built in the State of Alaska [2Z] was conducted by employing some of the models
developed at UCSD. Analyses of these bridges under simulated seismic loads indicated that there
is a high propensity for excessive damage to these bridges. Some of the design deficiencies
identified during this part of the study were:

(i}  Excessive Amounts of Column Longitudinal Reinforcement. Forexample, 4 ¢colurnn
longitudinal reinforcement ratio as high as 10% was identified in the columns of the Susitna
River Bridge [2]. This high level of reinforcement ratio imposes very large shear demands in the
joints and consequently, requires impracticable ameounts of reinforcement in the joints.

(ii) Potential for Plastic Hinging in the Cap Beam. As anexample, a cap beam ultimate
flexural strength to column ultimate flexural strength ratio of approximately 0.50 was identified
in the Chena River Bridge [2]. Consequently, inadequate longinadinal reinforcement in the cap
beam will not prevent inelastic actions from developing in these members under seismic loading.

(iii) Inadeguate Joint Shear Reinforcement. Inadequate joint shear reinforcement will
not prevent undesirable inelastic actions in the connection of the beam to the column.

{iv} Deficient Cap Beam Shear Strength. Inadequate transverse reinforcement would
lead brittle shear failure of the cap beam based on the levels of design lorces imposed from
column. Inadequate confinement of plastic hinges in the cap beam will result in premature
failure.

(v) Embedment of Sicel Shells in the Joint Region. A pile shaft/column, commonly
employed in the construction of bridges in the State of Alaska, consists of a cast-in-place steel
shell section (CISS), which is embedded into the cap beam/fcolumn connection. Even at low
levels of column rotation, damage to the cap beam bottom surface cover concrete would be
inevitable due o the prying action of the embedded portion of the steel shell. This ray result in
cxposure of the cap beam reinforcement to corrosive environments and premature corrosion of
this reinforcement, which would be potentially hazardous under seismic actions.
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In order to address the above design issues and to ensure a proper ductile response of
multiple column bridge bents, findings from recent research studies at UCSD were used to
design the test unit. In this context, state-of-the-art seismic design procedures recommended by
Priestley et al. [1], testing of bridge joints systems and multi-column bents test units by Sritharan
et al. [3][4][5], and seismic testing of pile foundation systems by Silva et al.[6], are relevant to

the current investigation.

As a main objective to develop constructable joints with minimal amount of
reinforcement, several joint tests were conducted at UCSD, and a joint design methodology is
recommended in reference [S]. One of the test units consisted of two joints in a multiple column
test configuration, as depicted in Fig. 1-1. In addition to investigate the joint detailing, seismic
design of multiple column bents was verified and appropriate recommendations are provided in

reference [4], which were utilized in the design of the test unit presented in Chapter 4.

Fig. 1-1 Deformed Shape of a Previous Test Unit
Representative of Multiple Column Bents



In addition, a series of pile to pile cap connection tests were conducted also at UCSD to
provide basic information as to the state of damage of pile foundation systems at the connection
of piles to the pile cap [6]. In these series of tests, two cast-in-place steel shell piles with steel
shells embedded into the pile cap were used, reflecting typical Caltrans pile details, which have
direct relevance to the seismic performance of CISS pile/cap beam connections. Test results
show that the pile cap was severely damaged, as a result of the prying action of the embedded
steel shell, as depicted in Fig. 1-2

Fig. 1-2 Damage of a Test Unit with a Steel Shell
Embedded into the Pile Cap



1.2  Scope of Research

The primary objective of this research project was 10 experimentally validate the design
recommendations developed for the seismic design of reinforced concrete bridge bents with
cast-in-place steel shells. Design recommendations presented in this report were developed in
accordance with the capacity design philosophy previously described. Specific issues adopted
for the design of the Alaska full scale proof test were:

(¢)  Column Longitudinal Reinforcement. In the United States the upper limit for the
longitudinal steel ratio is §%. However, this limitis uncommonly used in design practice because
it leads to design difficulties agsociated with the confinement of large steel quantities, flexural
and shear design of the cap beam, and joint reinforcement design, which are cssential for a
ductile performance of bridge bents. In reference [1], the recommended upper limit for the
colurrm steel ratio is 4%, and ratios below 3% are normally found in the design of bridge
columns. Consequently, the longitudinal reinforcement ratio was limited 10 2. 5% consistent with
the design recommendations by Priestley et al.[1].

(if) Anchorage of Column Longiudinal Reinforcement. In order to improve
constructability of the joint regions, the column longitudinal bars were terminated straight into
the cap beam.

(tit) Steel Shell Embedment. Tn orderto protect the cap beam from extensive damage due
to the prying action of the steel shells, the steel shells were terminated 51 mm below the cap
beam.

(v}  Confinement of Plastic Hinges. Confinement of the column plastic hinge at the gap
region was ensured by providing adequate transverse reinforcement to constrain buckling of the
column longitudinal reinforcement and permit large inelastic rotations.

{v) Cap Beam Design. Design of the cap beamn was developed in order to ensure an
elastic response of this member under seismic action.

(vi} Joint Design. Design of the connection between the cap beam and the columns was
performed 1o achieve joint constructability and to limit significant damage within the joint region
under seismic actions,



Another issue, in the seismic design of pile shaft/columns that descrves special attention
i3 the formation of subgrade hinges. These in-ground hinges were not studied in this research
project, but could bear examination in further specialized studies, as illustrated by studies
performed by Budek et al.[7].

Competence of the design procedure established for reinforced concrete bridge bents was
examined in a proof test, by studying the influence of the design issues described above on the
overall seismic response of a full-scale test unit. Based on the seismic performance of the test
unit, appropriate design recommendations were made, and in a parallel analytical study an
atternpt was made 1o predict the monotonic force-displacement tesponse of the test unit.

1.3 Report Layout

Following an introduction to the seismic design of reinforced concrete bridge bents, and
scope of the current study in this chapter, Chapter 2 describes the prototype structure, the
geometry of the test unit, and the reinforcement layout for the test unit. Chapter 3 presents the
design forces used for the design of the test unit. Chapter 4 describes the design procedure for
the test unit, while Chapter 5 covers the construction, the concrete and steel material properties,
mstruntentation, and loading sequence of the test unit. In Chapter 6 the predicted response of
the test unitis presented, and in Chapter 7 experimental results are described. Finally, this report
concludes with specific recommendations for the seismic design of reinforced concrete bridge
bents with cast-in-place steel shell pile-shaft/columns,as presented in Chapter 8.



2 Geometry and Reinforcement Layout of the Test Unit

In this rescarch project, a typical multiple column bent was mvestigated to asscss the
seismic performance and capacity of a reinforced concrete bridge bent with integral
pile- shaft/columns, as shown schematically in Fig, 2-1.

2.1 Laboratory Test Model

In order o achieve the research objectives described in Section 1.2 it was determined to
represent the prototype structure as a test model with columns extending from the ¢ap beam to
inflection point 4, as shown in ¥ig, 2-1(b). Thus, modeling of the test unit was accomplished
by designing the columns as pinned conditions at the base of the footings. Since it was not
feasible to provide pint supports with zero moment resistance, reinforced pin connections were
provided at the columm bases, These pinned connections had small moment resistance, which
did not significantly alter the column moment gradients. Design of these pin connections is
covered In Section 4.4,

Seismic Force

Inflection
Paint A

Lo Lo
te Tc
{a) Three Column Bent {b) BMD (¢) SFD

Fig. 2-1 Prototype Structure and its Representative Test Model
Ustng the Concept in Reference [4]

.



The full-scalc test unit geometry is presented in this chapter. As illusirated in Fig, 2-2
through Fig, 2- 4, the test unit consisted of three CISS columps with a clear height of 4.34 m and
a center line spacing between columns of 4.27 m. The outside diameter of the steel shell was
(.91 m with a thickness of 12.70 mm. The length of the stecl shells were shorter than the
cohunns, which terminated 50.8 mm below the ¢cap beam, and 63.5 mm above the footings. The
test unit cap beam dimensions were 1.37 m x 1.07 m (W x H). An expansion joint material with
a thickness of 63.50 mm was provided in the pin connection of the colnmns to the footings. Tie-
down of the footings to the strong floor consisted of eight 33 mro diameter high strength bars
with a stressing force per bar of 554 kM. The dimensions of each footing were 2.29 mx 1.67 m
x 0.6]1 mm reinforced concrete section with the tie-down arrangement illusirated in Fig. 2-3.

Gravity loads were simulated at four locations along the cap beam using four loading
fixxtures, which were positioned at 1.22 m from the columnn centerlines, as illustrated in Fig. 2-3.
The total axial load required adjacent to the exterior columns was 1,223 kN per loading fixtwre,
and the total axial load required adjacent to the interior column was 443 kN per loading fixture,
which provided a total applied axial load of 3,336 kN. To simulate the seismic lateral forces, two
hydraulic actuators were attached to the test specimen on each side of the test unit through load
transfer blocks. One of the actuators was connected to the laboratory strong wall while the
second actuator was connected to two reaction frames by a trangverse steel beam. These two
hydraulic actuators have a maximum stroke of 457 mm and a maximum capaeity pet actuator
of 1,397 kKN in the pull direction and 2,286 kN in the push direction, which provided a toial
feasible lateral force of 3,683 kN. The vertical distance from the line of action of the applied
lateral force to the center line of the cap beam was 1.52 m and the distance to the laboratory floor
was 7.01 m, as illustrated in Fig. 2-2. In the remainder of this report columns and joints of the
test unit are designated aceording to the identification presented in Table 2-1.

Table 2-1 Column and Joinl Identification

Exterior Column ECT "
Interior Column IC
Exterior Column EC2
Knee Joint - Exterior KX

Tee Joint - Intertor TC

Knee Joint - Exterior K2 M
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2.2 Reinforcement Layout of the Test Unit

The test umi was detailed according to design considerations presented in Chapter 4.
In this section, a summary of various reinforcement details is presented. A brief description of
the reinforcement utilized in the construction of the test specimen columns, cap beam, joints, pin
comnections and footings are prescnted. A section depicting the overall reinforcement layout is
presented in Fig, 2-5,

2.2.1 Column Reinforcement

Design of the test unit was performed In order to model the scismic response of a three
column/cap beam bridge substructure systern. Column section dimensions and reinforcementare
presented in Table 2-2. For the design of the colummn longitudinal reinforcement, a ratio of
p=2.5% was chosen, in order to avoid design problems related to confinement of large amounts
of longitudinal reinforcement, cap beam reinforcement for flexural and shear design, and joint
shear reinforcement. Furthermore, this steel ratio matches typical values used in bridge design
i1]. This reinforcement ratio lead to a section with 76 - 36 bars with a total longitudinal
reinforcement area of 16,112 mm®. The gross sectional area was 00.62 m*, which does not include
the steel shell area. The column bars were arranged around the inner circumference of the spiral
steel with a cover concrete to the outside of the steel shell of 76.20 mm, as shown in Fig. 2-6
and Fig, 2- 7. The column longitudinal reinforcement terminated straight into the cap beam with
a development length of 940 mem and a clear distance to the cap beam top surface of 127 mm.

Table 2-2 Column Section Dimensions and Reinforcement

Column Diameter | 10 mm Outside Diameter

Stect Shell Thickness 12.70 nun

Inner Core Longitudinal Reinforcement | 16 - M36 (p,;=2.5%}

Hoops: M16 (@ 127 mm o.c. - Inside Joints
Spirals: M16 @ 305 mm Pitch - Qutside Joints

Top of Columns: 50.8 mm
Bottom of Columns: 63.5 1nm

Transverse Reinforcement

Steel Shell Gap

‘LCﬂw:r to Longitudinal Reinforcement 76 mm

-12.



Because of the presence of the 12.70 mm thick steel shell, the fransverse reinforcement
consists only of nominal reinforcement of M16 spirals at a pitch of 305 mm below the joint
region for assembly of the longitudinal reinforcement steel cage.

2.2.2 Cap beam Reinforcement

Reinforcement of the cap beam was designed based on the design procedure presented
in Section 4.2 and Section 4.3, and cap beam section dimensions and reinforcement are
presented in Table 2-3. The longitudinal reinforeement in the cap beam was deterrmimed by
ensuring that yielding in this retnforcement did not occurred at the established desipn moments.
Additional longitudinag) reinforcement required for joint force transfer mechanism was also
provided. With distribution of some longitudinal reinforcement along the sides asrecommended
in.[4], reinforcement of the cap beam top layer consisted of /& - M29 and 6 - 4429 bars in the
viginity of the exterior columns and interior columns respectively, as illustrated m Fig. 2-8(aj).
In the bottom layer 73 - M29 and 6 - M29 bars are provided in the vicinity of the exterior
colurnns and nterior columns, respectively, as illustrated in Eig, 2-8(h). Additional top and
bottom longitudinal reinforcement was provided according to the models presented in Section
4.2. Additionally 3 - M29 longitudinal bars were provided in the bottom layer reinforcement and
6-A429 longitudinal bars were provided in the top layer reinforcement in the exterior joints KJI
and KJj2. Additionally, 6-A29 longitudinal bars were provided in the top and bottom layer
remf{orcement in interior joint 7. In addition, 8-M13 horizontal J-hooks were provided within
the joint regton and {2 and 10 legs M10 horizontal U-pins were provided m the top and bottom
layer, respectively, at the cap beam ends, as illustrated in Fig. 2-5 and Fig, 2-9.

The transverse reinforcement in the cap beam was obtained from shear and joint design
considerations (see Chapter 4), which resulted in different reinforcement quantities in various
regions along the cap beam. In exterior Joint KJI, the column transverse reinforcement in this
region consisted of M6 welded hoops at 127 mm on center. Inside this joint region, the vertical
stitrups reinforcement consisted of 2 sefs of 6 legs M7 3 stirrups equally spaced. Outside of the
joint region § seis of 6 legs M1 3 stirrups were provided in the overbang, and 6 sets of 6 fegs M1 3
stirrups were provided within a distance of 533 mm from the column face, equally spaced and
designed according to the model presented in Section 4.3, In addition, 8-M1 3 horizontal J-hooks
were provided within the joint region, and /2 and 1) fegs M10 horizontal U-pins were provided
in the top and botton: layer, respectively, at the cap beam ends, as illustrated in Fig. 2-6.

I interior joint TJ, transverse reinforcement in this region consisted of M76 welded
hoops at 127 mm on center. Inside this joint region vertical stirrup reinforcement consisted of

-13 -



3 sets of 6 Jegs M13 stirmaps, equally spaced. Cutside of the joint region 7 sets of 6 legs M3
stirrups were provided within a distance of 1,07 m from the column face, equally spaced and
designed according to the models presented in Section 4.3. In addition, 8-MI3 horizontal
J-hooks were provided within the joint region, as illustrated in Fig, 2-7.

In joint KJ2, vertical stirrup reinforcement consisted of 3 sets of 6 legs M7 3 stirrups
equally spaccd, and outside of the joint region 5 sets of 6 legs M/ 3 stirrups were provided in the
overhang, and 7 seis of 6 legs M1 3 stirrups within a distance of 1.07 m. from the column face
equally spaced. Reinforcement detail im exterior joint KJ2 is shown in Fig. 2-6.

Table 2-3 Cap Beam Section Dimensions and Reinforcement

Cap Beam Width

e ——————

1.37 m

— |

Cap Beam Depth

LO7 m

Top Layer Longitedinal
Remforcement

Exterior Joints 10 - M29
Interior Joint 6 - M29

Bottom Layer Longitudinal
Reinforcement

Exterior Joints 13 - M29
Intericr Joints 6 - M29

Side Reinforcement

Exterior Joints 4 - M29
Interior Joints 2 - M29

Minimum Shear Reinforcement

4 legs of M13 @ 241 mm. o.c.

Vertical Stirrups Reinforcement
Exterior Joint KJi

2 Sets 6 Legs M13 [nside Joint
3 Sets 6 Legs M13 in Overhang
7 Sets 6 Legs M13 within333 mm from Column Face

Vertical Stirrups Reinforcement
Interior Joint TJ

3 Bets 6 Legs M13 Inside Joint
7 Sets 6 Legs M13 within 1.07 m from Column Face

Vertical Stirrups Reinforcement
Exterior Joint K2

3 Sets 6 Legs M13 Inside Joint
5 8Bc¢ts 6 Legs M13 i Overbang
7 Sets 6 Legs M13 within 1.07 m from Column Face

Cover to Top Longitudinal

51 mm
Reinforcement
Cover (0 Bottom Longitudinal
) 51 mm
Reinforcement

-14 -



2.2.3 Footing Reinforcement

A total of /3 - Af22 bars top and bottom with a reinforcement ratio of 0.24% was
provided in the longitudinal and transverse direction. Vertical M13 Jhooks were provided in the
footings at each bar intersection. The connection of the columns to the footings consists of 8 sets
(16 fegs) MI9 bars arranged in a eriss-cross pattern, and with 2 development length of 1.22 m,
as previously described, and presented in Fig, 2-10.

Table 2-4 Footing Dimensions and Reinforcement

Footing Plan Dimensions 229mx1.67m

Footing Height ¢10 mm

Longitudinal Reinforcement Top: 13 - M22
Bottom: 13 - M22

Vertical Reinforcement M13 J-Hooks
Reinforcement in 8 sets (16 Legs) M19 with a Vertical Lap
Column/Footing Connection Length of 1.22m

‘ Cover to Longitudinal Reinforcement | 51 mm

-15-
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3 Analysis Considerations

The design forces and theoretical responsc of the lest unit were obtained from a pushover
analysis. The procedure followed in this analysis is described in Section 3.1 and the results are
presented in Seetion 3.2 and Section 3.3. However, it must be emphasized that a similar type
of analysis is not required to cstablish design forces for multiple column bents. A simpler
approach based on column overstrength moment capacities obtained from a section analysis can
be adopted as described in refercnces 1] and [4]. In this chapter, a brief description of the
analytical model is presented, and results thal were used to establish the test unit design forces.

3.1 Modeling of the Test Unit

The pushover analysis in this study was conducted through a control program, which
interacted with a moment-curvature analysis progeam [8] and a structural analysis program
CALSD [9], which were both
developed at UCSD. An analytical i
finite element model was developed Elgff
to study the seismic response of the

test unit. The cap beam and columns
were modeled using elements with
member lengths to the centerline of
the coJumns and cap beam. During
the analysts, each element stiffness
was updated based on the tangent @ S
stiffness approach illustrated in Fig. Curvature

3-1 and computed according to the

Moment

Fig. 3-1 Tangent Siiffhess Approach
following expression: 2 PP

M,
AP (3.1)

where the change in moment AMp and change in curvature 4 ¢ were obtained from the moment
curvature analysis at each incremental setup. A moment curvature program, using @ meadel

developed by Mander et al. for confined concrete [10], was developed to npdate the stiflness of
each element.
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The moment curvature program allows for modeling of the columns circular section steel
shell and longitudinal reinforcement. In these analyses, the development length of the colurnn
longitudinal reinforcement at the column bases and the steel shell at the top and bottom of the
columns was modeled according to the regions presented in Fig, 3-2.

Fromregion A to region J, the implemented moment curvatre program allows modeling
of the different regions by considering percentages of contribution of the column longitudinal
reinforcement and steel shell to the equilibrium equations sccording to the expression.

E C. Z a, C.r/ * Z Uy Copen = E e, T, + Z e + P (3.2)

where Z‘Cc is the resultant compression force in the confined and/ocr unconfined concrete

section. Confinement of the concrete core was compuied from the confimng action of the steel

shell due to radial confining stresses that develop in the steel shell according to the relationship:
i

S =34 #y (3.3)
The horizontal volhnnetric confinement ratio of the steel shell is given by the expression:
41,
e R
P9~ D -2t 4

where f;1s the steel shell yield strength, # is steel shell thickness and B, is the outside diameter
of the steel shell. The confined concrete compressive strength can then be estimated from the
confinmg action of the steel shell according to the expression [10]:

2945 217
oo =1 224 |1+ jfi - fi - 1.254 {3.5)
1. A

Chan et al. [11] presents a procedure for computing the effects of confinement of concrete by
means of a siee] jacket,

Additional variables in equation (3.2) are the terms L‘TC@C rand 2ot

- Al

which represent
the resultant compression and tension forces in the reinforeing steel, and e, defines a percentage
contribution of the longitudinal reinforcement in the developinent length zone at the base of the
colummns. Stmilarly, in equation (3.2), the expressions &_ﬂ-ﬂgm and ElgT,Mare respechively
the compresston and tension resultant forces in the steel shell, and ¢, is a variable that defines
a percertage contribution of the steel shell at the top and bottormn of cohunns to account for the
development of forces in the steel shell. Referring to Fig. 3-2, the values of the variables o, and
a; were defined according to the values depicted in Table 3-1.



Table 3-1 Variables ¢, and &,; Numencal Values

I
Region | Member Eegion Longitudinal Reinforcement Stecl Shell
Limnit 2 Contribution Value, e, Contribution Value, &, [
A Column 152 1.00 0.00
B Column 305 1.00 0.00
C Column 914 1.00 0.15
D Column 1,285 1.00 0.30
E Column 1,676 1.00 0.60
F Column 2972 1.00 0.90
¢ | comn | 3353 1.00 100 |
H Column 3,734 1.00 0.60
I Column 4,145 1.00 0.30
J Column 4,801 JEOB5-J2063-J3038 0.15 1
K Pin 4 880 Pin Connection Detail Pin Cennection Detail
L Cap Beam - Cap Beam Detail Cap Beam Detail I

' Full composite action of steel shell and concrete core
? Distance in millimeters from cap beam centerline to end of region.

To compute the development length for the column lengitudinal reinforcement at the base
of the columns, the variable @, was defined based on an average bond strength of
#, =11 ?Jf_; , which is congistent with values presented in reference [1]. An expression to
compute the development length is presented in Seetion 4.2. In addition, the variable a,; was
defined by assuming that 13% of the steel shell forces are developed at the end of Region C.
Thus, the average tensile bond strength of the steel shell was 2.08 MPa, which is consistent with
values found from test presented in reference [6], and may be computed in this region C
according to the expression:

CI5f; 4 6.15x250x 12.70
L. 229

oy, = = 2.08 MPg (3.6)

where L is the distance between from top of shell to the node situated in the end of Region C.
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3.1.1 Pushover Analysis

The following are physical boundary conditions and relevant data that were used to sef
up the finite element model:

(i) Efemermt Stiffness. As the lateral load was incremented at each step, a
moment—curvature analysis for each cclumn and cap becam segment was performed with a
varying axial load obtained from the pushover analysis. A column segment refers to all the
elemenis in each column, and a cap beam segment refers to those elements which are situated
from the column centerline to the point of inflection in the cap beam. Then, cach element
stiffness was updated according to equation (3.1), and the input file was revised for re-analysts
of the finite element model.

(ii} Column Top Gap. The column top gap, Region B, was modeled with a single
element 31 mm long, which corresponds to the length of the steel shell gap in this region. The
length of this beam element was updated at each incremental lateral load to account for strain
penetrations of the column longitudingl reinforcement into the cap beam according to the
following expression [1]:

I, =0022d,f, ;: f, <f, 3.7

where [, is the strain penetration of the colurnns longitudinal remforcement, and /] 15 the steel
stress evaluated at each mcremental step, but less than the longitudinal reinforcement yield

strength f,

{iti) Cofumn Base Boundary Conditions. The base of each column was modeled as a
fixed end condition. However, upon reaching the ideal moment capacily of the pin connection
1he boundary conditions at the base of the columns was modified to a pinned end condition.

{ivi Loading Conditions. The lateral load was applied to the finile element model at
every node along the cap beam located 610 mm away from the columns centerline. To model the
vertical distance between the centerline of the actuator to the center line of the cap beam the
nodal leads consisted of horizontal point loads and moments, which were obtained by
multiplying the nodal horizontal loads by a lever arm 1.07 m.
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The pushover analysis was performed according to the following steps:

i) Gravity Load. In this stage, only the axial forces and the test specimen sclfweight
were imposed on the model as described in Fig, 3-2.

(i} Initial Lateral Load. After simulation of the gravity loads, each element stiffness
was updated and an initial lateral load was applied, such that at any location, the bending
moment was below cracking, either in the colunns or cap beam elements.

(i) Incremental Lateral Load. At each successive iteration and up to the ultimate
moment capacity of the columns, while maintaining the imposed lateral load constant,
intermediate steps were performed and equilibrium was achieved when the element propertics
remained constant along the length of the column.

(fv) Aralysiyina Descending Branch, To provide an analytical solution for elements that
display a descending branch, (i.¢. negative stiffness), each element stiffhess in a descending
branch was set as positive. Then, at each incremental step, increases in deflection, rotations and
curvatures were obtamed from the pushover analysis results and summed to the respective
resultant variables, and moments and shear forces were sublracted from the resultant moments
and shear forces,

(v Ultimate Moment Capacity. The procedure was carried out until ultimate conditions
were observed in the top element of onc of the ¢olumns in region B, which represents the plastic
hinge zone.

3.2 Pushover Analysis Resnlts

In this section some results are presented for the pushover avalysis, which were then used
for the design of the test unit. The design part of the test unit was performed using estimated
concrete material properties and average steel material properties obtained from the material
properties presented in the Section 5.2.2. In the design of the test unit, the estimated unconfined
concrete compression strength for the colunm analysis was /7, =28 MPa, and for the cap beam
analysis the estimated unconfined concrete compression strength was =34 MPa, In addition,
the steel material properties were obtained from three reinforcement tensile strength tests.
Reinforcement vield strength for the differcnt bar sizes are presented in Table 5-2.
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In the finite element model, modeling of the prototype gravily load was accomplished by
imposing fout vertical point loads along the cap beam such that the end bending momenis in the
cap beam approximately matched with the bending moment due to application of the prototype
gravity loads. As previously described, the simulated gravity loads were positioned at 1.22 m
from the centerline of the colurmms. Adjacent to the exterior columns the point loads were 1,223
kN and adjacent to the interior column the peint loads were 445 kN for a total applied axial load
of 3,336 kN. Thus, as presented in Fig. 3-3, the axial load due to the simulated gravity loads and
selfweight in the exterior columns was 1,070 kN and in the interior column was 1,760 kN,
whereas the axial loads due to the prototype gravity loads were 1,259 kN and 1,948 kN in the
exterior and interior columns, respectively.

In Fig. 3-3 the bending moment diagram due to gravity loads is shown for the test
specimen and for the prototype structure, Referting to Fig. 3-3, in the vicinity of the columns the
bending moment profile of the model and the prototype were approximately identical, as
previously stipulated, except at the cap beam midspans. Bending moment prefiles depicted in
this figure and subsequent figures are shown on the tension side of the members.

Fig. 3-4 shows the bending moment diagram due to gravity loads and lateral seismic
forces at ultimate response of the test unit. At ultimate siate, in the push direction, maximum
bending moments occur in exterior column £€2 (4,038 kN), followed in the intertor column IC
{3907 kN and next in the exterior column ECF (3,296 kN).

Referring to Fig. 3-5, in the push direction, under gravity loads and lateral seismic load,
maximum achieved shear force in the exterior column, ECI, was 790KN., In the interior colummn,
IC, the maximum shear force was 933 kN. In the exterior column, EC2, the shear force was 963
kN. Maximum lateral seismic force estimaled was 2,688 kN.

In Fig. 3-6 maximum achieved axial load in the exterior columm, ECT, was -752 kN in
tension. In the interior columm, IC, the maximum axial load was 1,807 kN in compression. In
the exterior column, £C2, the axial load was 2,820 kN, Selfweight of the columns was estimated
at 76 kN, pier cap 357 kN, and load transfer blocks that were attached to the cap beam 220 kN,
Column and cap beam member end forces were then used for design of the test unit, which are
presented in Section 3.3,
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3.3 Cap Beam Desizn Forces

The ¢column overstrength moments are largely dictated by the stress-strain characteristics
of {he longitudinal reinforcement. When the column Jongitudinal steel properties are available
from material testing, Sritharan €t al.[4] recommend that the column overstrength moment can
be approximated to 1.05 times the theoretical maxinmm moment. Furthermore, the gravity loads
induced 1n the columns are stnall when compared to the moments due to lateral seismic forces,
as described in Section 3.2. Therefore, the cap beam design bending moment and shear forces
were conscrvatively estimated aceording 1o the expressions:

oMy . = 105 My + M, (3.8)

where M ;.. is the cap beam design moment at the column face, M, is the bending moment
caused by lateral forces, M, is the bending moment caused by gravity loads, and ¢, is equal to
(.90 and represents the flexural capacity strength reduction factor. Fig. 3-7 presents the cap beam
design bending moments evaluated at the column faces.

Similar to the design moments, design shear forces were computed at the column faces
according to the expression :

o, Vﬂ’mp =105V, + ¥y (3.9)

where V.., 15 the design shear force, ¥ is the shear force caused by lateral forces, ¥, is the
shear force caused by gravity loads, and ¢, is equal to (.85 and represents the capacity reduction
factor for shear. Fig. 3-8 presents the cap beam design shear forces evaluated at the column
faces. Deslgn axial loads were those obtained from the pushever analysis at the ultimate state.

The axial loads appropriate for the cap beam design were obtained by combining the

gravity loads and seismic load contributions with ¢onsiderations to column overstrength. The
critica) design moments, shear forces and corresponding axial forces are listed in Table 4-1.
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Fig, 3-7 Cap Beam Design Moments {or the Test Unit
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4  Design Considerations

Design considerations adopted in the detailing of the test unit are presented in this
chapter. Design forces used in the design of the test unit are presented in Section 3.3.

4.1 Column Design Considerations

According to a capacity design philosophy it is required that undesirable modes of
deformation such as shear be inhibited, and the columns must be designed with adequate
transverse reinforcentent to ensure adequale confinement of the column plastic hinges. In this
section, design of the column shear and transverse reinforcement (plastic hinge regions) are
presented.

4.1.1 Column Shear Design

The shear strength of test unit columns was computed according to the recommendations
given in reference [1] for the design of a rcinforced cross section. The shear strength of the
columns was computed based on the UCSD additive three component model, which is expressed
m terms of the following expression [1]:

Vy = V. =V, + ¥, 4.1

where V), is the design shear force, V,,V, and V, are the contributions from concrete, travsverse
reinforcement and axial load shear resisting mechanisms, respectively.

4.1. 1.1 Concrete Component

The strength of the columns concrele shear resisting mechanism was based on the
following equation [1]:

V, =k084,yf! (4.2)
where & depends on the curvature ductility, u,, as presented in reference 1] and Fig. 4-1(a).

4.1.1.2 Axial Load Component

Axial load contribution to the shear resisting mechanism was obtained according to the
following expression [1][4]:

= k P tana (4.3)

where & 13 equal to 0.85 for axial compression and 1.15 for axial tension, and « is the inclination

of the axial sirut, as illustrated in Fig. 4-1(b). The value of & can be obtamed from a

moment-curvature analysis of the section at the column and/or cap beam ends.
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Substituting for tana in equation (4.3) in terms of the neutral axis, column diameter and
effective length, I°, the following expression was derived to compute the axial load contribution
to shear resistance:

D2 -¢/2
If
where ¢ is the column nentral axis, and 2715 the distance from the top of the column to the point

of inflection, as depicted in Fig. 4-1(b).

V, =k P 4.4

4.1.1.3 Steel Component for Circular Columns

The steel truss component for a reinforced circular section with a steel shell andfor
transverse reinforcement was computed based on the following expressions:

(i) Steel Shell Contribution [11]:

g:%;}?;j(ui}.—:})cﬂm (4.5)

{2) Trunsverse Reinforcement Contribution [12):

/
v = A f; (D7 -NA)

2 5
where D is the steel shell inside diameter, N.4 is the section neutral axis, D “is the confined core

cof @ {1.6)

diarneter, 4,, is the cross sectional area of the spiral transverse reinforcement, and (s the crack
angle, which was taken as 35° degrees.

Ignoring the concrete and axial load contributions to the shear resisting mechanism, the
shear strength of one single column (considering only the steel shell truss mechanism) was
estimated at 7,230 kN, which is considerably higher than the expected maximum laleral force
{includes the three columns), as described in Section 6.1. Thus, the colummns had reserved shear
capacity to resist the induced shear forces, and the test unit is expected to display a predominant
flexural response under the applied seismic loading.

4.1.2 Columon Transverse Reinforcement
4.1.2.1 Confinement of Plastic Hinges

Confinement of the column in the plastic hinge region {gap region) was satisfled
according to the following requirement [44, tn order to ensure a dependable ductile performance
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of the structure;

/s
p. =016 Felgs s I8P | ors (p, - 0.01) @7
fJ’E f(:ﬂ +Ag

where g is the volumeiric ratic of the transverse reinforcement content, /7., is the estimated
concrete compressive strength, £7,, is the estimated yield strength of the column longitudinal
reinforcement, P is the column axial load, A, is the column gross sectional area, and p, is the
column longitudinal reinforcement.

4.1.2.2 Resisiance Against Buckling

In order to prevent buckling of the column longitudinal reinforcement, in the gap region
at the top of the column, the following design requirement was satisfied [1]:

p, = 00002 n (4.8)

where 1 is the number of ¢colummn longitudinal reinforcing bars
4.2  Cap Beam Design Considerations

The design of the cap beam was performed considering the column overstrength, to
¢nsure that the cap beam remains essentially elastic and inelastic deformations are concentrated
in the ¢elumn plastic hinges under the imposed gravity and seismic loads. The column
oversitengths consider material uncertainties and strain hardening of the column longitudinal
reinforcement. Design forces for the cap beam design are presented in Scetion 3.3

4.2.1 Cap Beam Width

The width of the cap beam was chosen consistent with current seismic design practice
[13]. Accordingly, the cap bearn width was taken as:

WE=D+2%=914+2;¢%"=L3M @9

Thus, ihe width of the cap beam was 1.37 m.
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4.2.2 Cap Beam Depth

The cap beam depth was dimensioned to ensure that the column longitudinal bars have
sufficient development length into the joint region. The minimum development lengih was
determined using recent recommendations by Priestley ct al. [1], and has been experimentally
verified by Sritharan et al.[3][4]. The development length of the column longitudinal bars was
chtained assuming an averagebond stressof g, = LI7 JE , &nd development length of 2 M36
bar was computed based on the expression [1]:

450

a
;';I =803 x Jbx — = 822 mmt [4 lﬂ)
I /5 |

1, =03 d,

The cap beam depth was /, = .07 m computed based on a development length of 940
mm for the column longitudinal reinforcement and a clear distance from the column bars to the
cap beam top surface of 127 mm.

4.2.3 Cap Beam Flexural Design

Computations of design moments, shear forces and axial forces were described in Section

3.3, and are presented in Table 4-1. Reinforcement layout for the test unit is presented in Section
2.2,

Table 4-1 Cap Beam Design Moments, Shear Force and Axjal Force

Design Moment | Design Shear Iorce Axaal Force
kN-m kN kN
|| Positive Moment at the
3698 1.036 -700
Exterior Column Face ’ ° (7
| Negative Moment at the
3384 3416 i)
Exterior Column Face ? ©)
Positive Moment at the 1163 1192 133
Inierior Column Face ’ ? -382(D)
Negative Moment at the
1932 32356 551 ¢C
Interior Column Face «




Limiting cap beam design moments to the yield moments at the appropriate sections, and
allowing distnibution of the longitudinal reinforcement in the sides of the cap beam, the
following reinforcement quantities were obtained:

(i Exterior Joint Region. Top bars: 10 - M29, Bottom Bars: 13 - M29, and Side Bars:
4 - M29.

fii} Interior Joint Region. Top and Bottom Bars: 6 - M29, and Side Bars: 2 - M29.

The adequacy of the amount of cap bearn longitudmal reinforcement is illustrated in Fig.
4-2 through Fig, 4-5, where the demand is compared to the yield moment established from
section moment-carvature analysis based on the above reinforcement details.

Fig. 4-2 presents the momeni-curvature analysis for the cap beam under an axial tension
load of 790 kKN and under positive moments. In this figure 1t 15 shown that the design moment
matches approximately with the moment at the first vielding of the cap beam longiludinal
reinforcement, which was 3,714 kN-m, and Fig, 4- 3 presents the moment-curvature analysis for
the cap beam under an axial compression load of 665 kN and negative moments, which matches
approximately with the moment at first yielding of the cap beam longitudinal reinforcement
3,466 kN-m. Shear forces depicted in these figures will be disenssed in Section 4.3.5.

For the interior joint, Fig. 4-4 depicts the moment-curvature analysis with an axaal
tension load of 332 kN and under positive moments. First yield moment of the cap beam
longitudinal reinforcement exceeds the design moment. However, 4 minimum reinforcement
limit in the range of p.= 0.0035 7 was provided in the design of the cap beam to ensure
distribution of flexural cracks in the cap beam. Referring to Fig. 4- 4, it is shown that the design
moment was 1,163 kKN-m, and is considerably lower than the moment at first vielding of the cap
beam longitudinal reinforcement, which was 1,954 kN-m. Fig. 4- 5 shows the moment-curvature
analysis for the cap beam under an axial compression load of 551 kN and negative moments. The
section was equally reinforced at the top and bottom, thus, the first vield moment was also 1,954
kIN. Shear forces depicted in these figures will be discussed in the next section.
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4.2.4 Cap Beam Shear Design

Shear design of the cap beam was performed using the three component shear model
developed at UUCSD as presented in Section 4.1.1.

4.2.4.1 Cancrete Contribiition

For the cap beam, the concrete shear contribution was obtained from the ASCE-ACI 426
[14] design recommendations, which can be described as follows [1]:
V. =08 v A, 4.11)

In the presence of axial load, the concrele shear sirength, v, 1s obtained according to the
relation [1]:

3r , .
v, =y | I+ —= { axinl compression )
[ B | ft AR_ )
and {4.12)
( P
y =v, |1 + — axial tension
S T Y ] ( !

where P i5 positive for compression and negative for tension, and v, is the nominal shear stress
computed based on the relation [I]:

v, = (0.066 «10p,) | f] <025/ (MPa) (4.13)

where p, is the tension steel remforcement ratio. Table 4-2 presents the concrete contributions
to the shear resistance at various cap beam sections.

Table 4-2 Concrete Contributions to Shear Resistance in the Cap Beam

Axial Force i3 v, v V.
kN Steel Ratio kPa kPa kN
Positive M t at th
ostiive Mot ar te 2790 (1) 0.0065 7 607 627
Exterior Joints
Negative Moment at the .
] ] 965 () 0.0050 653 483 704
Exterior Joints
Positive Moment at the
X . -382 (T} 0.0030 565 510 523
Intetior Joints
Megative Moment at the
i ) 51 C 0.0030 565 566 583
Interior Joints

! Reinforcement for the joint mechanism was conservatively excluded.
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4.2.4.2 Axial Load Contribution

The axial load contributions to the shear resistance of the cap beam section was
previously described in Section 4.1.1.2, and are presented in Fig. 4-1(b). Substituting for tane
in equation {4.3) in terms of the neutral axis, the cap beam depth and the distance from column
face to column face, the following expression was derived to compute the axial load contribuhion
to the shear resistance:

Ifj ¥ C‘z
2 4.14)
{

cap
where ¢; and ¢; are the neutral axes on either side of the cap beam, and £, is the cap beam clear
distance to the column faces. Axial load contributions to the shear resistance are presented in

Table 4-3.

ky, -
V, =k P

Table 4-3 Axial Load Contribution to Shear Resisting Mechanisms Calculations

| Axial Force fe;+e) /2 tan & K v,
i kM o kN
= =
Positive M t at -163
osthve Vomert @ 2790 (T} 248 0244 | -115 >
the Exterior Joints (1}
Negative Moment at
65 279 f.235 (.85 166 (C
the Exterior Joints - (© ©
Positive Moment at
i -382 178 0.265 -1.15 =80
the Interior Joints 82 (D (%
Negative M t at
seye vomen 551 (C) 197 0250 | 085 |11200
the Intenior Joints

4.2.4.3 Transverse Reinforcement Coniribution

Vertical stirrups in the cap beam were designed to satisfy the shear force given by:

Vi=WVy - V.-V, (4.13)
where ¥, is the required design shear force presented in Table 4-1. The vertical reinforcement
contribution to the shear resisting mechanism for rectangular sections is given by [1]:
/
Axp f} (kb - l.'i')
s
where h,” is the confined section depth, A, is the cross sectional area of the vertical

remforcement, and & is the crack angle taken at 35°.

F =

£

cof {4.16)
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4.2.4.4 Maximum Spacing of Shear Reinforcement

Maximum spacing of shear reinforcement in the cap beam was provided according to the
following expression [14]:

S < 0.50 k] =533 mm < 610 mm (4.17)

This expression leads to 2 maximum spacing of 333 mm.

4.2,4.5 Minimum Shear Reinforcement

Mintmum shear reinforcement in the cap beam was provided according to the following
equation [14]:

A, = (035 &’y 5)/f,, [MPof (4.18)

This expression leads to a minimum shear reinforcement of 440 mm®. Shear
reinfercement provided in the joint region and within a distance of &, from the column face was
6 legs of M13 stirrups at approximately 356mm, and outside of the joint region 4 fegs of MI3
at 250mum were provided, as shown in the design drawings presented in Section 2.2, which are
within the spacing limits and minimurm shear reinforcement. Based on the calculations presented
in Table 4-4 shear reinforcement provided in the vicinity of the joint region was 6 Jegs MI3
vertical stirrupy at 330 mm on centers.

Table 4-4 Cap Beam Shear Reinforcement Design

Ve- Provided Spacing V. Shear
Vp- V.-V, Shear mim KN Reinfore.
kN Reinforcement
Posgiti £ 6-M!
ositive Moment a 574 Minimmm 375 | 2,014 2@
the Extenior Joints 356 mumn o.c.
Megative M t 6-M13
egative ' om:—::nt a 2516 3teel Truss 168 2914 @
the Exterior Joints Component 356 mm o.c,
Positi t -
osihive Ij»{c-mtjnt a 740 Minioum 375 2914 6-M13 2
the Interior Joints 356 mm o.c.
i t Steel T -M
Negatw? Moment a 2 561 eel Truss 375 2914 6-M13 @
the Interior Joints Component 356 mm o.c.
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4.3 Cap Beam / Column Joint Besign Considerations

Forces acting upon a typical bridge pier tee and knee Joint, are depicted in Fig. 4- 6. Due
to large shear forces that develop in bridge joints, as illustrated in Fig. 4-6(d), conventional
design methods, which are based directly on joint shear forces, typically demand considerable
amount of joint reinforcement [3][5]. This results in steel congestion within the joint regions
creating difficulties 1n construction of concrete bridge joints. Therefore, the Joints in the test unit
were designed using a rabonal procedure based on force transfer models [1][5]. In this study, the
modified external strut force transfer model proposed by Sritharan [5] was emploved because it
required the least amount of reinforcement when compared to other possible models [1].

=1 e P—VJE___V“‘%-—
E gni = [T ] T
4 . ?r %g !
by, — i
F i
CI—-— ".’/.l b C v / - J
——] ] AM
S —]
el Vo=hit /h
ib o b
ViR Vi
b Mn:
b e,
(a) Tes joint forces (k) Knae joint lorees ¢y Moments up (d) Horizantal
the ¢olumno shear force

Fig. 4-6 Average Horizontal Joint Shear Forces in Bridge Tee and Knee Joints [1]

In this procedure it is suggested that only nominal reinforcement is adequate if the joint
principal tensile stresses P, < 8.29 S The principal tensile stresses, presented in Section
6.3, indicate higher stress levels, and the reinforcement for the joints was provided as suggested

in [5]. This procedure is included in the design recommendations presented in Section 8.3. The
principal tensile stresses were calculated from:

R ATANRIEAT A {4.19)
p‘_[ 2] \(2] K

where p, is the principal tension stress, £, is the axial stress on the joint in the horizontal direction,
F.isthe axial stress on the joint in the vertical direction, and v, is the Joint shear stress. Joint axial
stresses and joint shear stress are calculated in the following sections.
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4.3.1 Joinf Axial Stresses

The average joint axial stress in the vertical direction was obtained assuming a 457
dispersion of forces as shown in Fig. 4-7{a)[4]. For calculating the joint axial siress in the
horizontal direction, the axial force was averaged over the entire beam cross sectional area
according to the effective area shown n Fig, 4-7(h).

Jont axial stresses were computed as follows [4]:

fre—r oo B
Y wh, T 7Y (D +hy)b, €4.20)

where P, is the axial force in the horizontal direction, &, is the effective joint width assuraing a
45° spread in all directions [1}, Dis the pile scction width and #, is the cap beam section depth.

4.3.2 Joint Shear Stresses

The joint shear foree can be approximated to the column overstrength moment at the joint
interface, as suggested in reference [1]. Hence:

Va = (4.21)

where V5, is the herizontal joint shear force. Vertical or horizontal joint shear stresses are
computed from the effective area identified in Fig. 4-7{b}, and computed according to the
following expression §15]:

v, y,
v o= =P oy (4.22)
T bk, B,

Computed average principal tensile stresses in the joint region are presented in Section
6.3. At ultimate limit state average principal tensile stresses were estimated to be
p, =056 £.p, =0.48 | f/amdp, = 0.42 || £/, in exterior joint KJ1, interior joint T/ and
exterior joint KJ2, respectively. Thus, joint shear reinforcement was found consistent with the
modified external strut model, as illustrated in Fig. 4-8. According to this model the jeint
reinforcement was provided to develop two mechanisms, namely: the clamping mechanism , at
Node Cin Fig. 4-8, and the splice transfer mechaniym, at Node D in Fig. 4- 8. In the following
procedurs the total reinforcement required for the two mechanisms are found using the

recommendations provided in reference [S5].
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Fig. 4-7 Effective Joint Area For Calculating Principal Tensile Stresses [4]
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4.3.3 Interior Joint Design

The joint design model assumes the force transfer for in-plane loading as described in
Fig. 4-8. As a result, vertical stirrups outside and inside of the joint, joint horizontal hoops,
additional top and bottom longitudinal reinforcement in the cap beam, and joint cross-tics were
provided as described in this section.

{i} External Joint Vertical Stirrups. Area of external vertical stirrups, Ay, required
outside the joint within a distance of %, from the columnn face was given by:

nc - 6125 x 140 x 16,129 x '3% =3055mm? (423

¥

A, = 01251, 4,

where 2, is the material overstrength, 4, is the total area of the column longitudinal
reinforcement, f. is the columm bar yield strength, and £, is the yield strength of the vertical
slirmups. Thus, £ sets of 6 legs M3 stirrups were provided within 1.07 m from the column face,
which were added to the shear rcinforcement requirements described in Section 4.2.4.3.

fii} Internal Joint Vertical Stirrups. Area of internal vertical stirraps, A, required
inside the jomnt was given by:

. £ 448
A, = 0.0955, A 2 - 0.095 x 1.40 x 16,129 x ;7 2,321 mm? (4.24)

»v
To satisfy the above requirement 3 sets of 6 legs MI3 stirrups were provided within the jomt
TEZIONS.

(it} Joint Horizonted Hoops. Volumetric ratio of the joint horizontal reinforcement,
£, was designed according to the following expression [1]:

8300 A
_a_ﬂ:—& _ 030 x 140 x 16,129 448 _ 0.83 % (4.25)

i’ Jﬁm QL0 £ 414

&

£y =

where £, 15 the yield strength of the joint horizontal hoops, and I, is the anchorage length of the
¢olumn longitudinal reinforcement. A minimum value for g, was established to ensure some

tensile resistance afier cracking develops in the joint region according to the expression [4]:
/ -
p, 2 029 Ve | 0.29 —._‘*ﬁ =047 % < 0.83% (4.26)

»h
Therefore, joint horizontal reinforcement of p, equal to (.83% should be satisfied. Using
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M16 welded hoops in the joint region, spacing of horizontal reinforcement is obtained according
to the expression :
14, 4 x 198

5= = = 125 mm
D’p. 762 x 0.0083 “.27)

Thus, M1 welded hoops ar 127 mm on centers were provided in the joint regions.

(iv}  Additional Cap Beam Longitudinal Reinforcement. Additional top longitudinal
beam reinforcement equivalent to:

fh C

Il
was provided in the top layer. This reinforcement was extended k&, from the column face.

= 017 x 140 x 16,129 x j_jj" s 4153 mm® (428

A A:.b = ﬂ"f?'z'a Asc

Additional bottom longitudinal beam reinforcement equivalent to:

A4, =01I52 Amﬁﬁ =015 x 1.40 x 16,129 x % = 3,665 mm? (4.29)

Pt
was provided in the bottom layer, Consequently, additional § - M29 bars were provided i the
top and bottom layers reinforcement. This reinforcement is developed at a distance of #, from

the joint faces,

(v} Joint Cross-Ties. Consistent with previous experimental studies at UCSD
[4], 2 - M13 horizontal cross ties were provided for each vertical stirrup within the joint
region.

4.3.4 Design of Exterior Knee Joint K72

The design of exterior knee joint KJ2 was also based on the modified external strut
model, and the corresponding mechanism is described m Fig, 4-9. As a result, the amounts of
vertical stirrups outside and inside of the joint, joint herizontal hoops, additional top and bottom
longitudinal reinforcement in the cap beam, and joint cross-ties were provided as described in
the previous section while describing the design procedure for the inlerior tee joint T,
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- X | Note:
I ’ . .
0.3h, | 0.4h, Anchorage of tie T is
i not shown for clanty

Fig. 4-9 Modified External Strut Joint Force Transfer Model For Seismic Design
of Bridge Knee Joints Subjected to Opening Moments [5]

If the cap beam top and bottom longitudinal reinforcing bars are provided as continuous
reinforcement, there is no additional reinforcement required in the knee joints. However, in the
test unit, the beam bars were not continuous and the following reinforcement was added, as
recommended in reference [3], primarily to ensure sufficicnt joint response under closing
moments.

The external strut I}, illustrated in Fig. 4- 10 requires that horizontal U-pins be provided
at the bar hooks in order to anchor the bar bents back into the joint regions. This reinforcement
18 not be required when the overhang dimension is greater than h, /2. Area of the horizontal UJ-
pins reinforcement were estimated according to the following expression:

3d,
T, = 0.085 T,

(4.30)
b

Thus, {2 legs M were provided, and an equal amount was provided for the top beam
bars.
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Fig. 4-10 Forces Acting Upon a Bridge Knee Joint and its Idealized Joint Strut

4.3.5 Design of Exterior Knee Joint KJJ

Since the force conditions of exterior knee joints KJ! and £J2 are simlar under reversed
cyelic loading, the reinforcement detatls derived for exterior knee joint AJ2 counld have been
used for the design of exterior knee joint KJI. However, slightly different reinfercement details
were adopted for the design of exterior joint KJZ. The changes for the design of extertor knee
joint £JI with respect to details of exterior knee joint KJ2 were as follows:

(i} External Vertical Stirvups. The amount of external vertical stirrups was identical
to that provided in the interior joint T, but was distributed over a distance of f,/2

(i} ftgrnal Vertical Stirrups. The amount of inlernal vertical stirrups was redueed
to 2 sefs of 6 legs MI3 stirrups.

Thesc changes adopted for the design of the exterior joint KJI werc cxperimental in
nature and the details adopted for the design of exterior joint KJ2 are recommended for the
design of bridge joints, Hence, the design details adopted for exterior jomt KJ7 are not included
in the design recommendations presented in Section 8.3. Further to the above changes, the jont
J-hooks cross ties were replaced wath headed reinforcement in the exterior knee joint KJSJ to
validate the use of headed bars in the joint regions. Test data indicates that the headed
reinforcement perform adequately.

-54 -



44 Pin Connection Design Considerations

The pin connections at the column bases were established based on the recompmendations
presented in reference [4]. All of the column longitudinal reinforcement was terrminated 64mm
above the footings and the area of the column comcrete section was reduced at the
column/footing interface. Adequate reinforcement at the center of each column was provided to
ensure axial and shear force transfer through the pin connection.

As shown in Fig. 4-11 the
Column Bage
concrete area at the column base was Cencrete Area at the
reduced to 406 mm in the loading
direction, which corresponded to a
45% reduction in the gross sectional
ared of the columm. The pin

Fin Comnection

longitedinal reinforcement consisted
of § pairs of single bars arranged in 2
Criss-cross pattern detail, as shown in

Fig, 2-10. This special detailing was

to ensure 4 pin connection at the

Loading

column base in the loading direction o
Direction

with increased moment resistance in S
the orthogonal direction to provide
254 406

out-of-plane stability to the test unit T mm

during testing.
£ £ Fig.4-11 Pin Connection Concrete Area

The area of the concrete section was reduced at the column base using pads made oot of
expansion joint materizl, as shown in Fig. 2-10. For the maximum expected lateral
displacement of 330 mm the corresponding base rotation of (.08 was conservatively estimated.
Allowing a compression in the pads of up to 60% [4] a pad thickness of £3.50 mm was used.
Limiting compression in the pads will ensure no significant force transfer through the €xpansion
joint material.
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44,1 Axial Compression Stress in the Concrefe Key

Assuming a uniform stress transfer through the key, the maximum average concrete stress
was estimated as follows [4]:

P
o = U _ 282 _ oaaaip, (4.31)
4, 0339

A uniform stress across the concrete key is unrealistic and higher stresses should be
expected in the cxtreme compression fiber of the pins. A compressive strength as high as 2.
1s expected for the key. On this basis, it was concluded that erushing of concrete at the key would
not oceur dug to axial force transfer.

4.4.2 Axial Tension Force Transfer

‘The axial tension force from the column to the pin was transferred by the starter
reinforcing bars placed at the center of the column. A maximum axial tension force of 752 kN
was estimated in the exterior column, ECI, which could be transferred by approximately § -
M18 bars considering the 45° of the starter bars,

4.4.3 Shear Transfer

A shear ftiction mechanism was relied upon for shear transfer between the columns and
footings. Assumning 2 fnction coefficient of x=1.8 consistent with the recommendation of ACI
[14]. the maximum shear force, Fgr, that can be transferred across the colnmn/footing interface
was signiftcantly greater than the maximum shear force, F, expected to develop in the columns.
The design shear strength at the column/focting interface was estimated according to the
following expression [4]:

Vep =t (P +A_ £, ) (4.32)

where A, and £, are the total area and the expected yield strength of the footing starter bars
respectively. Hence:

Vep =1.0( -732 + 4,560 x 445/1,000) =1,277 kN < 790 kN ; Column ECI
Vep =1.0¢+L807 + 4,560 x 445/ 1,000) =3,836 kN < 933 kN ; Column IC  (4.33)

Ve =LO( +2,820 « 4,560 x 44571000} =4,850 kN < 965 kN ; Column EC2
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A further check on the shear force transfer is necessary since the maximum value of Voo
is also dependent on the maximum shear stress that can be developed in the concrete contact arca
between the column and footing. As recommended by Paulay et al. [16], 2 maximum V.
corresponding to shear sliding was found by considering an allowable concrete shear stress of
0. 23f", and dowel action of the pin longitudinal reinforcement. The value of Vi corresponding
shear sliding was relatively small for exterior column ECJ subjected to axial tension. This shear
force transfer was found as follows:

Vep =A_B25f + A, 025 f, =
51 x 866 x 0.25x 38.7 +

(2x8x284 xcosd5) x 0.25 x 445 =
T84H00 N = 784 KN

4.34)

Although the above value appears critical, a shear sliding failure would not be possible
since there would be additional resistance from the criss-cross starter bars. The horizontal
component of the tension force developed in the starter bars would participate directly in the
shear transfer. Therefore, shear transfer across the column-footing interface should not be a
problem in all the three pin connections.

In the above calculations, it was assumed that the vield strength was developed in all 16 -
M19 starter bars.

Footing starter bars were extended by a distance /, above the footng. The manimum
value of f, was determined based on the expression [1],[4]:

, = Q1671 + Doe t by = 0I67x 610 + 457 + 439 = LOGm 4.35)

where £, is the distance from the base of the column to the point of contraflexure, D, is the
diameter of the pin and I, is the development length of the starter bars obtained according to
equation (4.10). For a M19 bar, I; was 439 mm Pushover analysis indicates that at the exterior
column EC2 the point of contraflexure is at approximately I, = 610 mm above the footing. With
D, =457 mm a minimurm value of £ = 1.00m was obtained from equation (4.34). In the test unit
the starfer bars were terntinated 1.22 m above the footing.
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5. Construction, Material Properties, Instrumentation and
Testing Procedure

A detailed description of the test unit construction sequence, instrumentation, and testing
procedure are presented in this chapter.

5.1 Ceonstruction of the Test Unit

A brief description of the construction of the footings, columns, cap beam and load
transfer blocks are described in this section.

3.1.1 Column Footings

The column footings were constructed first. Fig.5-1 shows the reinforcement cage
assernbly of 2 column footing where the pin longitudinal reinforcement detail can be seen. Fig.5-
2 shows the colummn footings positioned on the laboratory floor ready for the installation of the
column steel shells. The conerete shear key area at the top of the footing, as identified in Fig.5-2,
was roughened with a wire brush to expose the aggregate so that a friction coefficient of 1 or
greater could be obtained. In addition, to create the pin connection, a 63.50 mm thick expansion
Joint material was then placed on the footings to form a smaller 38l mum wide contact surface
with the columns.

3.1.2 Composite Steel Shell Columns

Construction of the composite steel shell columns was accomplished in the next stage.
The colurnns inner core reinforcement cages were assembled and strain gages were placed on
the lengitudinal and transverse reinforcement, as detailed in Section 5.3.2. The first step in this
stage consisted of placing a scaffolding assermbly around the footing bases in order to 1nstall the
steel shells and to serve as a working platform for the construction of the test unit cap bearm.
Next, the steel shells were positioned in contact with the footings expansion joint material. Then,
the column inner core reinforcement cages were placed on 6 mm pads above the expansion joint
matenal. Casting of the concrete columns was accomplished with an industrial pnmp. In order
to prevent rotation of the column remforcement cages during casting, at the column base, the
cages were tied to the footing starter bars, and on top 2 wooden template was attached to the
working platform.
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5.1.3 Cap Beam

Asconstruction of the columns was progressing, assembly of the cap beam reinforcement
cage was simultaneously taking place on the strong floor in order to expedite construction of the
test unit. Then, after casting of the colunns, the cap bearn reinforcement cage was dropped in
place. In a iypical construction sequence the cap beam cage most likely will be tied in place,
however, as it will be shown in future fisures, congestion of the cap beam reinforcement was not
a concern, and fitting of the cap beam reinforcement cage through the three column starter bars,
in the joint region, was accomplished with minimum effort.

In this stage, construction of the cap beam reinforcement cage consisted of first
positioning the cap beam bottom longitudinal reinforcement on a temporary wooden beam raised
305mm above the laboratory strong floor. In order to ensure that the cap beam reinforcement
cage would fit throngh the columns inner core longitudinal reinforcement, in the joint region, a
template of the column bars was used during construction of the cap beam cage. A secondary
wood beam was raised above the strong floor to achieve the required height for construction of
the cap beam top longitudinal reinforcement. Before completion of the cap bearn reinforcement
cage the column horizontal hoops were positioned in the jomt regions.

Next, the cap beam vertical stitrups were inserted through the cap beam top and bottom
longitudinal reinforcement and tied to the required spacing. Fmally the cap beam side bars were
tied to the vertical stirrups. Fig.5-3, Fig.5-4 and Fig.5-5 depict the cap beam reinforcoment
layout in the vicinmty of the joints KJI, TF and KJ2, respectively, illusirating the temporary
wooden beams used to support the cap beam top and bottom longitudinal reinforcement, the cap
beam vertical stirrups, and the column horizontal hoops in the joint regions. Fig.5-5 depicts the
¢ap beam reinforcement cage end detail in the vicimty of the exterior joint KJ2. At this stage of
consgtruction, the cap beam horizontal J-hocks and end horizontal U-pins were not yet istalled.
Next, the scaffolding platform top surface was made ready for installation of the cap beam
reinforcement cage, and the cap beam reinforcement cage was instatled through the columnn bars,
as illustrated in Fig.5-6.

Following this stage, the column horizontal hoops i the joint regions were fleld welded,
as illustrated in Fig.5-7. During welding of the hoops, the strain gages were protected with
asbestos blankets from the torch flames. After welding, the joint hortzental hoops were tied to
the columns longitudinal reinforcement to the correct spacing by alternating the welded joints
in the direction of loading, to ensure that the welded hoop joints were not cutting through the
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direction of shear planes that may develop in the joint regions.

MNext, the horizontal J-hooks were positioned in the joint regions. In Fig.5-8 and Fig.5-9
is shown the reinforcement cage near the vicinity of colunm ECI, depicting the horizontal J-
hooks in the joint region and the position of the column joint horizontal boops. The cap beam
cage was then completed by positioning horizontal U-pins at the ends of the cage with the
reinforcement layout depicted in Fig. 5-10.

Shear keys were then assembled in the top surface of the cap beam cage to ensure a
proper load transfer between the cap beam and Lhe load transfer blocks, as illustrated in Fig.5-11.
Finally, as illustrated in Fig.5-12, an industrial concrete pump was used in the conerete casting
of the cap beam.

5.1.4 Cap Beam Load Transfer Blocks

The top surface of the cap beam, which is in contact with the horizontal actuators load
transfer blocks, was roughened with a wire brush in order to improve the friction resistance
mechanism al this interface. In Fig.5-13 is shown the load transfer blocks ready for castimg.
Casting of these load transfer blocks was accomplished, as before, with an industrial concrete
pump. Fig.5-14 illustrate the completion of the test unit before testing. In Fig.5-14 is shown that
close to exterior column EC2 the horizontal actuator was attached to a mounting plate and
connected to two steel frames. These steel frames were mounted over an assembly of support
blocks to form the correct height for the installation of the horizontal actuator. Close to the
exterior column ECT the horizontal actuator was attached to a mounting plate and connected to
the strong wall.
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Construction of Columns

=B~

1 A Completed Footing Reinforcement Cage Prior to Casting
2 Footings in Place Prior to

Fig.5-
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or Joint TJ Region

Fig.5-4 Cap Beam Reinforcement Cage the Interi
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Fig.5-8 Top View of the Completed Reinforcement Detail Near Exterior Joint KJI
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Fig.5-10 Reinforcement Detail at End of Cap Beam With Horizontal U
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Casting of the Cap Beam

Fig.5-11 Cap Beam Shear Keys




Fig.5-14 Completed Test Unit Prior to Testing
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5.2 Material Properties

Concrete and steel material properties were obtained from sample testing on a Satec®
material testing machine at the UCSD Charles Lee Powell Laboratory.

5.2.1 Concrete Material Properties

Fig.5-15 shows the concrete casting sequence and concrete batch number. Standard
compression cylinder tests for the different concrete batches were performed at 7 days, 28 days
and on day-of-testing (d.o.t.). Nine samples were taken from each batch and the measured
concrete compression strength for each batch are presented in Table 5-1. Each concrete
compression strength value presented in Table 5-1 represents an average from three unconfined
concrete cylinders (152 dmm diameter x 304.8nun height), which were cast during each batch
pouring. For Batches No. 1, 7 and 8 no concrete compression strength tests were performed at
the 7 days mark.

Na. #

o)
«\f\’%ﬁ&j"&ﬂ\ KL?

.\%\ :' s \
L;f{//,?’é’/////////f/ 7

oo
o

\__ a.
[ i W 5
! ! H ! ’ A I” F ”ff ' =
-'z.-’-'-:-ﬂ’;fn e ]

Fig.5-15 Identification of Various Concrete Batches
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Table 5-1 Concrete Material Properties

Batch No. ' 7 -Day 28 - Day Day-of-Test Slump
f, [MPa] f; [MPa] f, [MPa] [rmm}
13 - 30.44 43.92 143
243 234 32.0 3R.7 118
34 20.2 28.9 34.8 171
4 48 27.9 35.4 37.9 156
548 20.3 36.6 39.4 121
6 48 26.8 34.3 35.9 07
7h - 38.4 41.5 140
g *8 - 39.3 40.7 133

' Conerete strength was determined from 3 cylinders for each batch.
? Maximum aggregate is specified as 13mm.

*Maximum aggregate is specified as 19mm.

*Maximum aggregate is specified as 25mm.

* Specified f',= 28Mpa.

¢ Specified £1,= 34Mpa.

7 3§ litters of water were added to conerete mix before casting.

5.2.2 Steel Material Properties

Three samples of each reinforcernent type were tested to determine the stress-strain
characteristics of cach bar type and the results are summarized in Table 3-2. The properties
illustrated in Table 5-2 were obtained by testing three 914 mm long samples from the same
sroup of each bar size, except for the steel shells of which no sample was tested.

- 69 -



Table 3-2 Steel Material Properties

Yield Strength Ultithiate Strength
t, [MPa] f, [MPa)]

Location

Footing Top and Bottom

520 878
Longitudinal Reinforcing Bars

Footing Vertical Stirrups

M13 430 706
M36 Columnn Longitedinal Reinforcing 448 245
Barg
Mi9 Pin Longitudinal Reinforcing Bars 445 731
M16 Column Spirals and Joint Hoops 483 750
MO39 Cap Bcam Top stnd Bcttmrn 455 -
Longitudinal Reinforcing Bars
Cap Beam Vertical Stirmips and
M3 425 716
Horizontal J-Hooks
B .
M13 Ca? e.antn Cross Ties Headed 450 545
Reinforcing Bars
B 10 UJ-Bras in Cap Beam Ends 520 821
12.70mm | Column Steel Shells
Grade 250 -

Steel Shells

' Average vield stress determined from 3 coupons.
2 Not tested.

Since, samples from the column spirals and joint hoops did not have a clearly defined
yield point, as illustrated in Fig.3-16, vield strength of these bars was established at a strain of
0.5% consistent with ASTM specifications. The stress— strain curves obtained from the uniaxial
tensile strength tests of the colurmn longitudinal reinforcing bars are presented in Fig.5-17 with
the respective stress-strain curve used for the column section moment-curvature analyais.
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Fig.5-17 Column Longitudinal Reinforcing Bar Stress-Strain Curves
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5.3 Instrumentation of the Test Unit

The test umt was mstnmnented with 46 linear potentiometer devices, 264 electric
resistance strain gages, 6 load cells and 1 pressure transducer. Details of the instrumentation are
given in this section according to the summary presented in Table 5-3. During testing, all the
instrumentation was connected to a high-speed data acquisition system, and the test data was
recorded at preset trigger intervals.

5.3.1 Linear Potentiometer Devices

Flexural curvatures at the column critical regions were cxperimentally determined using
two linear potentiometers posttioned on either side of the column in the loading plane, as shown
m Fig, 5-18, Fig.5-19 and Fig.5-20. Fig.5-20 shows a linear potentiometer device as installed in
the steel shells. From the displacement measurements in the linear potentiometers the curvature
was compuied as follows:

W, 1s the width of the curvature cell {or =

_ Ay 4
qawa Wﬂﬂ er {5'1)

where ¢, represent the average computed Loading Srection
curvature, A4, and A, are experimentally "
measured by the linear potentiometers and L Weur a
represent the vertical displacements between T \ ‘
adjacent curvature rods in the extreme faces D } : ‘(_‘ '- ;
on opposite sides of the column section, A | Lo

Sy CL0 b

!

t
—

All-Thread Roow
Welded Lo Srael
Shels

cu-

horizontal distance between the pair of

linear potentiometers) and K, is the height P
of the curvature cell (or vertical between the Fotantiomet
threaded rods and the bottom surface of the Steel Shet
cap). Computation of curvatures was

adjusted for the tensile strain penetration Fig.3-18 Curvature Measurement

component in the height of the curvature cefl adjacent to the cap beam, H_ _ as follows [4]:

Aluriinen Angles

I '

n

— ) S S S — . L]
i " a
nr Il

& e — - —
.
)

H' =H |1 —Iﬁ?H"”’ + 0.0224d, f 5.3
ciir o a3 - &y (3.2)

[+

where L_is the distance from the column inflection point to the underside of the cap beam, 4, is

the column bar diameter and f, is the bar yield strength. This, modification accounts for the
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rotation at the cap beam interface resulting from strain penetration, At the top of columns W,
was 1.06m, H,  was 153mm, and at maximum response L, was 3.78m.

Rotations of the column base at the pin connections were measured from linear
potenfiometers posttioned at the columns ends (see Fig.5-19 and Fig.5-21). Assuming
displacements in these lincar potentiometers were due to rotations at the column ends, base
rotations were estimated as follows:

Orase = (A ~ A5}/ Wy (5.3)

Cap beam curvahwe adjacent to the joint was obtained using a similar procedure to that
adopted at the column top. However, cwrvahure calculations were performed ignoring the
penetration effect, since strains in the cap beam longitudinal bars were not expected to develop
beyond yielding. Therefore, cap beam curvatures were computed according to the following
equation:

Ay -4y

Wcur ch.r
where 4, and 4 are the linear potentiometers readings. The measured length of the curvature
cells, W_,,, was 813mm, and the height of the curvature cells, H,, . was 203mm.

Poe = (5.4)

Other external mstrumentation consisted of 15 linear potentiometers installed on the sides
of the cap beam in the joint regions, according to the layout depicted in Fig.5-19. Fig.5-22 shows
the arrangement of these devices at joint T/, to estimate joint panel deformations. At each of the
joint faces five linear potentiometers were used to measure the joint panel deformation. Joint
deformations consists of five Independent deformations modes, which are pure shear, extension
in the x and ¥ direction , and flexural deformations about the x and y directions, as shown in
Fig.5-23, and equations to compute these deformations are presented in reference [4].

One linear potentiometer was installed between the two load transfer blocks, to which
the horizontal actuators were connected, to measure the relative displacement betwecen these two
blocks, asillustrated in Fig.5-19. Moreover, Fig.5-19 shows two linear potentiometers connected
at the base of thesc load transfer blocks to measure horizental slip of these blocks, and four linear
potenticometers were similarly connected to these blocks in order to record uplift of these blocks
during application of the lateral loads.
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Qut-of-Plane deflection of the test unit was monttored at the center of the load transfer
blocks with two [inear potentiometers connected to two reference columns, as illustrated in
Fig.5-19. The specimen lateral deflection was recorded by two lingar string type potenliomelers
positioned at the ends of the cap beam near exterior joint XJ2, as shown in Fig.5-19. These linear
potentiometers had a stroke of £20in. and were used to control the loading sequence during the
displacement control load cycles, as described in Section 5.4.
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Tahle 5-3 Summary of Instrumentation

_—
Displacement Columnn Top Curvature 6
Transducers {olumn Bettom Rotation 6

: Cap Beam End-Members Curvature 8

Shear Panel Deformation 15
Load Transfer Block Horizontal Slip 2
Load Transfer Block Uphft 4
Interior Joint Deflection 1
Test Unit Oui-Plane Deflection 2
Specimen Lateral Deflection 2
Total 48
Stran Gages {Column Longitadmal Esinforcement 32
Faoting Starter Bars 6
Steel Shell Vertical Strain Gages 24
Column Transverse Reinforcement 42
Steel Shell Horizontal Strain Gages 36
1 Cap Beam Top and Bottom Reinforcement 52
Cap Beam Vertical Stirrup Reinforcement 50
Cap Beam Horizontal J-Hooks &
Cap Beam Ends Horizontal U-Pins 16
E
Total 264

¥ Load Cells and Horizontal Actuators 2
Pressure Axial Load Exterior Fixtures 4
Transducers Axial Load Interior Fixtures 1

E Total 7

. __________________________________________________________________________|

TOTAL INSTRUMENTATION 317
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Fig.5-20 Top of Column External Fig.5-21 Bottom of Column External
Instrumentation Instrumentation

Fig.5-22 External Instrumentation for Joint Panel Deformations at
Interior Joint TJ
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{2) Joint panel nodal displacements
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Fig.5-23 Decomposition of Joint Panel Deformation into Five Independent Modes [4]
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5.3.2 Electrical Resistant Strain Gages

A summary of the strain pages mounted on the reinforcement of the test unit is presented
in Table 5-3. Instrumentation of the reinforcement consisted of electric resistance strain gages
produced by Tekyo Sckki Kenkyujo Co., Lid. These strain gages have a gage length of Smm and
a gage resistance of 1204030 with a scale factor of 2.13. A total of 32 electnc resistance strain
gages wete applied on the column longitudinal reinforcement, and 24 strain gages were
positioned vertically in the steel shells according to the gage layout depicted in Fig.5-24. In
addition, two strain gages were applied in the exireme starter bars at each footing as indicated
in Fig.5-24. The column transverse reinfor¢ement inside and outside of the joint was
instrumented with 42 strain gages according to the layout depicted in Fig.5-23. In addition, 36
strain gages were positioned horizontally in the steel shells, as illustrated in Fig.5-25.

A total of 52 strain gages were applied on the pier cap top and bottom lengitudinal
reinforcement, as depicted in Fig.5-26. In addition, 50 strain gages were applied on the pier cap
vertical stirrups reinforcement, and 6 strain gages were applied on the horizontal J-Hooks
according to Fig.5-27. Strain gages were also applied to the cap beam end horizontal U-pang, as
described in Fig.5-28

5.3.3 Load Cells and Pressurce Transducer

A total of six load cells were used during testing to monitor the vertical and lateral forces
applied to the test specimen. Each of the two horizontal actuators, previously defined in Chapter
2, and used for applying the simulated lateral seismic forces, contained a calibrated load cell. In
addition, axial load of the test unit consisted of four axial loading fixtures with the layout
depicted in Fig.5-29. Each loading fixture consisted ol a steel eross beam, two high-strength
35mm diameter bars inserted through 50.8mm diameter holes in the steel cross beams and tie
downs, as described in Section 2.1. As depicted in Fig.5-29, the axial loads were applied at
positions 7, 2,3 and 4 with a single hydraulic pump which distributed equal pressure to each
position, and was monitored with four individual load cells connected to each high- strength bar,
at the tie down end, below the laboratory strong floor. Similarly, at positions A, 8 . and D the
axial load was applied with a single hydraulic pump, which distributed evenly pressure to each
position, but the axial load at these positions was monitored with a single pressure transducer.
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3.4 Loading Scquence of the Test Unit

Loading of the test unit was performed according to the loading scquence presented in
Fig.53-3{. The first step in the testing procedure consisted of applying the vertical loads for
gravity load simulation. Following the application of the inatial axial loads the test unit was first
subjected to single cycles under force control at 25%, 50%, 75% and 100% of the theoretical
first yield lateral force, V7, of 1,681 kIN. First yield of the test specimen was obtained from the
predictive analysis presented in Chapter 6, and corresponded to the tension vielding of the
interior column, fC, lengitudinal reinforcement. The structure was then loaded under
displacement control with three cycles applied at each specified displacement ductility level of
Hp E 5, Mo, Ha, B, e and g2, At the displacement ductility g,, only two cycles were performed
because of fracture in the column longitudinal reinforeing bars, indicating that the test unit had
reached its ultimate limit state.
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Fig.5-30 Lateral Load Sequence Applicd to the Test Unit
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Incremental displacement ductility levels were obtained based on the recorded lateral
deflections at first ¥ield in both loading directions based on the expression :

i {1451 + 4,1} v,
#i 2 Vx

¥

(5.5)

where V;is the total laterai force af the ideal capacity of the specimen. The ideal capacity of the
test umt wag 2,122 kN, as obtained from analysis corresponding to the concrete compression
strain in the interior column, FC, when it reached the value of 0.005. The variable A i 18 the
lateral displacement at g, = 1, and 4',; and 4',;

are, respectively, the expenmental lateral

deflections recorded at first vield in the push A

and pull directions of loading. In the push and YU
pull directions these lateral deflections were
30.92mm and 29.44mm, respectively. Bilinear
approximation of the test unit seismic responsc
is presented in Fig.5-31. Based on the values
previously described the specimen’s ideal

Lateral load

displacement {38.10mm) was used to calcuiate o i
the specified displacement ductility levels. ﬁj;",ﬁy AL Ay
Thus, the lateral displacerrent of the test unit at Lateral Deflection

the displacement ductility level of g, =1 was

Fig.5-31 Test Unit Bilinear Approximation
38.10mm.
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6  Predicted Response

The response of the test umit was predicted using a pushover analysis, as described in
Chapter 3. Since the joints were adequately detailed and the cap beam was protected {rom any
significant inelastic actions, the plastic hinges were modeled at the top of the columns. The
rredictzd force-displacement response, column member end forces, joint shear stresses, and

prediction of cover conerete spalling in columns are some of the theoretical results presented in
this chapter.

6.1 Force-Displacement Response

The cerresponding predicted force-displacement response of the test unit is presented in
Fig, 6-1. The pre-test analysis for the test unit was performed using average material properties
obtained from the material properties presented 1 the Sectiom 5.2, Concrete compression
strength at 28 days was used in the analysis with the different batch properties indicated in Table
3-1, and the reinforcement yield strength for the different bar types are presented in Table 5-2.
Because different batches were used in the construction of the columns and cap beam the
concrete compression strength nged in the pre-test analysis was obtained from the average of the
different batches. Thus, for the column analysis the concrete compression strength was /=31
MPa and for the cap beam analysis the concretc compression strength was =35 MPa.

A list of the expected events determined from analysis is presented Fig. 6-1. Events I-3
correspond to response of the test umt at yielding of the pin connection reinforcing bars at the
footing interface and in columns §C, ECI and EC2, respectively. Events 4-6 correspond to
vielding of the columns longitudinal reinforcement at the cap beam interface in columns IC, EC7
and EC2, respectively. Events 7-2 identify the development of the ideal moment strength at the
critical sectron in the plastic hinge regions, which corresponded to the gap region in the top of
the columms fC, ECT and ECZ, respectively. The ideal capacity of each column was defined at
the moment that develops a strain of §=0.005 in the extreme compression fibers in the top of
columns. Allowing for low cycle fatigue of the column longitudinal reinforcement due to cyclic
loading and recognizing that adequatce resistance to prevent buckling of the column longitudinal
reinforcement by the steel shell, rupture of these bars was predicted at a strain of 7%, which was
based on previous laboratory tests. This is also identified in the predicted force-displacement
enveloped presented in Fig. 6-1 as Event 10.
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Theoretical first vielding of the test unit, Vy', was taken as the lateral load that induces
vielding in the longitmdinal reinforcement of the interior column JC. The theoretical first yielding
of the test unit was developed at the lateral load of 1,682 kIN ard the lateral displacement, zfy,
of 31.5mm. Ideal capacity of the test unit, V], was taken as the theoretical lateral load that induces
a concrete strain of §=0.005 in the intericr column FC. Ideal capacity of the test unit was
developed at the lateral load of 2,122 kN and a lateral displacement, A, of 67.8 mm. Finally, the
ultimate capacity of the test unit, Iy, corresponded to the response of the test unit at event 14,
and was developed at the lateral ioad of 2,692 kN and a lateral displacement of, A, 330.2 mm.
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Referrmg 1o Fig. 6-1, the predicted yield displacement of the test unit, 4,, was computed
based on the bilinear elasto-plastic approximation of the force-displacement curve according to
the expression:

(Vyd, -V, 4,) 4,

. = 38.6 mmn (7.1}
y L]
V) (4, -dy) + Ay (Vy - V)

and the lateral load at the first yielding, V,, was computed according to the following expression:

- A.P _
V; = I/; — = 2060 KN (7.2)

45

Displacement ductility capacity computed at ultimate response, p,, was obtained based
on the following expression:
4 330.2
fy = —— = = 8.5 (7.3)

4, 386

Displacement ductility levels computed at different levels of lateral deflection are also
shown in Fig. 6-1.

6.2 Column Member End Forces

Predicted axial load versus shear force and bending moments at the cap bearmn interface,
for each column, are presented in Fig. 6-2 and Fig, 6-3, respectively. Due to gravity loads and
selfweight, the axial load in the exterior columns ECT and EC2 was 1,070 kN and in the interior
column fC the inifial axial was 1,760 kIN. Under gravity loads and lateral load maximum
achieved axial load, shear force and bending moment in the exterior column ECT, were - 756
kN (tension), 792 kN and 3,078 kN-m, respectively. In interior ¢column fC, these loads weore
1,830 kN {compression}, 929 kN and 3,623 kN-m, respectively. In exterior column EC2, these
loads were 2,840 kN (compression), 966 kIN and 3,734 kN, respectively. Selfweight of the
columns was estimated at 76 kN, cap beam at 357 kN and load transfer blocks at 220 kN,
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6.3 Joint Principal Tensile Stresses

Colurmn member end forces {presented in the previons scction) were used to estimate the
Joint principal tensile stresses. The joints of the test umt were designed using efficient force
transfer models 5o that the amount of joint shear reinforcement could be minimized. A joint
mechanism, requiring development of strut and ties outside the joint, was chosen for detailing
of the joints. This mechanism, which requires the least amount of reinforcement within the jeint,
has been studied experimentally at UCSD [3][4][5]. An extensive treatment on detailing joints
using force fransfer mechanisms and experimental verification of joints detailed with cxternal
strut mechanisms may be found in references [1], [3], [4] and [5].

Principal Tensile Stress, ptz"\l fo (fo=300Pa)
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Fig. 6-4 Predicted Principal Tensile Stresses in the Joint Region
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Referring to Fig. 6-4, average principal tensile stresses in the joint region at the ultimate
limit state were estimatedtobe pr, = .56 \fpf_f, p, =048 mmd p, =042 J?;in thejoint
regions at the exterior joint KJI, imenor joint TJ and exterior joint KJ2, respectively.
Consequently, all joints were detailed according to the design models described in Section 4.3.
Estimated principal tensile stresses of p, > .22 ,/?:Wﬁra achieved in the three joint regions
between the theoreticat first vield, ¥, and theoretical yield of the specimen, V,, which indicate
that joint shear cracking is most likely to develop in this load range. Estimated principal tensile
stresses of @, = 0.42 m were developed in the three joints beyond the theoretical ideal

capacity of the test umt, V.
6.4 Columns Cover Concrete Spalling

Fig. 6-5 depicts the concrete model used in the modeling of the cover and the core
concrete. Upper and lawer bounds were investigated for spiral spacings that varied from concrete
fully confined by the steel shell to a spiral spacing of 304.8 mm, which corresponds to the
column spiral spacing below the cap beam interface. The gap at the interface with the cap beam
was 30.8 mm. Modeling of the concrete core aceording to this spiral spacing would seem
reasonable, however for design and analysis proposes a shorter spiral spacing should be used in
order to avold increased demands in the cap beam and joint regions. Because of the uncertainties
in predicting the effeclive confinement provided by the steel shell in the gap region at the
interface with cap beam, a spiral spacing 0f 25 4 mm was used in the model of the core concrete,
and the cover conerete in this region was assumed unconfined.

Based on the concrete model presented in Fig. 6-5, the estimated cover concrete
compression stresses in this gap region are presented in Fig. 6-6. Referring to Fig. 6-6, onset of
spalling of the cover concrete was expected between displacement ductility p, . and p, and
significant spalling at the displacement ductility of p,was cxpected. These values matched with
observations recorded during testing. In addition, Fig. 6-7 depicts the expected forces that
develop in the cover concrete to the contribution of the flexural strength of the column sections.
Referring to Fig, 6-7, maximum forces that develop in the cover concrete are expected to oceur
between the displacement ductility p, < and p, and a rapid decrease in the contribution of these
forces to the flexural strength are expected with significant decrease expected at the displacement
ductility pg, which correlate with observations described in Fig. 6-6 and during testing.
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7.  Experimental Resulis

This chapter presents test observations recorded during seismic testing, and summarizcs
key experimental results, including force-deformation and reinforcement strain profiles for the
columns and cap beam.

Seismic response of the test unit was simulated using 4 lateral load sequence with fully
reversed cycles, as previously described in Section 5.4. In the push direction, the lateral load was
designated as positive and in the pull direction the lateral load was designated as negative, as
illustrated in Fig.7-1. The complete test setup of the multiple column unit is shown in Fig.5-14.

+ Push + Push
—— ep————
—~~ — Pull - Pull
* & a——
R £ [t Y e S 215 i e e T
= Ldg d &)l i e -
! FAf T KJE.’| ]
! : ¥ 'Ir_“i‘ Il ;
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i I
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Fig.7-1 Loading Scheme Designation
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7.1  Test Observafions

General test observations that were recorded during the test (i, e. gravity load, and force
and displacement controlled lateral ¢ycles) are summarized in the next scetions.

7.1.1 Simulation of Gravity Load

The first stage in the testing procedure consisted of applying the axial load to simulate

gravity loads effects. The axial load was applied in three stages. Application of the gravity load
is presented in this section.

In the first stage, a 306 kN force was applied to each bar present in the axial loading
fixtures at positions I, 2,3 and 4, (see Fig.5-35). This axial load corresponded to 50% of the
total axial load to be applied at each of these exterior bars, Next, an axial load of 223 N was
applied to the terior bars at positions A, B, € and D, (see Fig.5-35). This axial load
comrespended to 100% of the final axial load to be applied at each of these interior bars. Finally,
an additional 306 kN of force was applied at positions 7, 2 .3 and 4, for a total axtal load of 612
kN per bar. At this stage, the test unit displayed no signs of distress and the first ¢yeles under
force control were applied to the test unit.

Although the axial load was to remain constant throughout the fest, some variations were
encountered in the recorded axial load due to the application of the reversed lateral cyclic
loading. Fig.7-2(a) through Fig.7-2(d) depict the gravity load response for load cells 1, 2,3 and
4 during the tesling procedure. It can be seen that the axial load recorded in load celis 3 and 4
were slightly below the target gravity load, beyond the displacement ductility of a1, while load
cells I and 2 recorded axial loads closer to the target load even at large lateral displacements. In
the pre test analysis, the target gravity load of 612 KN was assumed in each of the bars at
positions 1, 2.3 and 4.

Fig.7-3 depicts the axial load measured by the pressure transducer at positions A, B, €
and £ during the testing procedure. Minimum changes were observed in the axial load at these
positions.
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7.1.2 Force Controlled Load Cycles

After application of gravity loads, the [irst lateral load four cyeles were performed under
force control. At each successive cycle, the test unit was subjected to equal laterzl load
increments that corresponded to 25%, 50%, 75% and 100% of the theoretical first yield lateral
force estimated in the pretest analysis. In each cyele, when the lateral load reached the peak
values in the push and pull directions, the test was stopped in order te assess the damage to the
test unit. Observations recorded during these first four cyeles are descnbed below.

At £0.25V, (V... = +414 kN, V,, = 445 kN)

During this cycle no signs of physical disiress were observed to the test unit, and the
recorded laieral deflection was £2.17 mm.

At 20,50V, (V, o= +829 kN, V, = -827 kN)

In this cycle a lateral displacement of £8.22 mm was cbtained. When the lateral load
reached its peak value in the push direction, loss of hydraulics te the horizantal actuators caused
a sudden drop in the lateral load. Loading of the test unit was immediately restarted to the pull
direction. In this cycle, flaxural cracking was first observed in all three columns in both leading
directions. In exterior column ECT a single horizontal crack was observed approximately af the
center of the gap, as seen in Fig.7-4. In interior column fC a single horizontal crack was
cbserved immediately above the steel shell. In column EC2 a single horizontal crack was
observed at the cap beam / column interface, as depicted in Fig.7-5. However, at this stage
flexural erackmg in the cap beamn was only observed in the vicinity of the exierior columns ECY
{ Push direction) and EC2 (Puif direction), as 1llustrated in Fig,7-4 and Fig.7-6, and no signs of
physical distress were observed in the vicinity of the interior column IC.

AL X075V, (Ve = +1,148 kN, V= -1,152 kN)

At peak lateral loads the lateral displacement was +14.83 mm. Separation of expansion
joint filler pads, at the pin cormection, was observed in all three columns, as depicted in Fig.7-7.
Extension of previous cracks was observed and no damage to the joints had occurred at this
stage.
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At 2V, (V= T1,682 kN, Vo.=-1,670 kN)
First Yield

The measured lateral displacement in this cycle was £30.92 mm. First diagonal shear
cracking in the joint regions was observed in the three joints in both loading directions. Fig.7-8,
Fig.7-9 and Fig.7-10 depict the cracking pattern in joint regions KJI, T/ and KJ2, respectively.
In addition, cap beam flexural eracking in the top surface at exterior joint KJ2 was first observed
in this cycle, as illustrated in Fig. 7-11.
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Fig.7-5 Flexural Cracking at +0.50V - Exterior Column EC2
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Fig.7-7 Separation of Expansion Joint Filler Pads at +0.75V,
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Fig.7-9 Joint Shear Cracking at £V, - Interior Joint 7J
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Fig.7-11 Cap Beam Flexural Cracking at £V, - Exterior Joint KJ2
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7.1.3 Displacement Controlled Load Cycles

Adfter the force controlled load cycle up to 100% of the theoretical first yield latcral load,
the loading paittern was changed from single cycles in force contrel to three cycles in
displacement control according to the displacement ductility levels outlined in Section 6.3. In
the displacement control cvcles, the test was temporarily stopped in the first and third eyelesm
the push and pull direction. in order to assess the damage occurred to the test umnt.

3 cycles at y = £1 (Column drift = 0.9%, V.= L4 KN,V = -1L,812 kNj

Extension of previous joint cracks was observed, as shown in Fig.7-12. Flexural cracking
was first observed to the top swface of the cap beam at exterior column ECI, as illustrated in
Fig 7-13. In addition, in this cycle, spailing of the cover concrete in the gap at the column top
occurred at the interior column f€C, as vistble in Fig.7-14. Fig.7-14 shows radial cracks that
propagate outwards from the interior column FC, which is a charactenstic of strain penetrations
in the colummn lengttadinal reinforcement. Similar observations were also recorded in the vicinity
of the exterior columns ECI and FC2, as depicted in Fig.7-15.

At the end of the third cycle at this displacement ductility level, the test was stopped and
the testing was continued on the following day after applying the initial axial load as previously.

3 eyeles at g = =1.5 (Column drift = 1.3%, V., = +2,229 kN, V. = -2,064 kN)

Extension of previous eracks through the joint regions was recorded at this stage. During
the first cycle at this displacement duetility level, onset of spalling of the cover concrete was
observed at the colummn top in exterior columns ECI and EC2. At the end of the third cycle it
was noted that previous column flexural cracks were noficeably widened in all the three cohunns
in the cracks that initially developed in the columns interface at the cap beam.

3 eyeles at p =12 (Column drift = 1.8%, V= +2304 kN, V., =-2,136 kN)
No further significant damage was recorded in either of the cycles at this displacement

ductility level, and minor spalling of the cover concrete that ocourred in columns £CY is shown
in Fig.7-16
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3 eycles af yr,= =3 (Colinnn drift = 2.6%, V., = +2,332 kN, V= - 1,944 kN)

Radial cracking at the bottomn surface of the beam around the perimeter of all three
columns was noticeably widened, as Hllustrated in Fig.7-17. Crack pattern on bottom surface of
the cap beamn in the vicinity of exterior colummns ECT and £C2 include similar radial cracking,
as shown in Fig.7-17. Based on the pre test analysis it was estimated that at this stage significant
spalling in the cover concrete would have occurred, as discussed in Section 6.4. However, based
on Fig.7-17 it is clear that spalling of the cover concrete was significantly less than predicted.
No significant increase in damage in the joint regions was observed in this ductility level.

3 cycles at p=+4 (Column drift = 3.4%, V. =¥2,572 &N, V., = -2,404 kN)

No significant changes to ihe crack pattern in the joint regions were observed at this
ductility level, as shown in Fig.7-18. Extent of damage to the cap beam bottom surface near the
interior colwmn JC is depicted in Fig,7-19, which shows development of further radial cracks.
In addition, it can be seen, in Fig.7-19, that spalling of the cover conerete had not cecurred to the
extent that the longitudinal reinforcement would be wvisible, as predicted from the results
presented in Section 6.4.

3 cycles at yu,=+6 (Column drift = 5.2%, V,, = 12,736 kN, V_, = -2,410 £N)

The maximum lateral force resistance of the test unit was recorded during the first cycle
in the push direction at this loading stage. Significant damage to the cap bearn bottom surface
concrete was observed near the vicinity of the columns (see Fig.7-20 and Fig.7-21). In the first
cycle to this ductility level the linear potentiometers measuring rotations at the top of the
columns were disconnected because of excessive damage in the underside faces of the cap beam
where these linear potentiometers were connected. In addition, Fig.7-20 depicts the cover
concrete in the gap region had not yet completely spalled off, which was not sufficiently
predicted in the pretest analysis, as previously described in Section 6.4.

3 cycles at p =48 (Column drift = 6.9%, V.= 12,716 kN, V,.,=-2,360 kN)

No new joint cracks were observed, which indicated that column input forces info the
joint regions did not increase from previous cycles. However, increase in damage in the cap
beam concrete bottom surface was accentuated in the vicinity of interior column FC and exterior
colutnn EC2 ( see Fig.7-22 and Fig.7-23). Slight drop in the lateral force was recorded in the
first cycle at g ~+8x7 when compared to that in the first cycle at = +6x1.
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3 eycles af j =110 (Column drift = 8.6%, V., = +2,486 kN, V. = -1,934 kN
End of the Test

Fracture of column longitudinal reinforcement occurred in all three columns at this
duetility level, which implied the ultimate flexural strength of the columns was achieved. The
fracture first oceurred in the column longitudinal reinforcement in the first cycle to displacement
ductility g,,, which correlated well with the analytical prediction that fracture of the longitudinat
reinforcement should ogcur bevond the displacement ductility g, , as described by event I in
Fig. 6-1. Post-test investigations conferred that a total of four bars fractured in the column
longitudinal reinforcement. One each in column ECT and IC, and twoin column EC2. Fig.7-24
depicts the displaced shape of exterior column ECI. The damage to joint region KJI af the end
of the test is shown in Fig.7-25. Comparable damage limited to only distributed cracking was
also observed for the other two joints. This confirmed that the seismic behavior of the test unit
was nol stgmficant influenced by the joint response and the details adopted for the joints were
satisfactory despite the provided reinforcement was less than that required by a procedure bascd
direetly on shear forces. Fig.7-26 (Push) and Fig.7-27 (Pull) show the crack pattern on the
bottom surface of the cap beam In the vicinity of exterior columns ECI and EC2. As would be
expected from symmetry of the specimen and load pattern the two crack patterns are similar.
Similar observations may also be deduced from Fig.7-28 (Pull) and Fig.7-29 (Push). Fig.7-30
and Fig.7-31 depict the crack pattern on the cap beam bottom surface in the vicinity of inferior
column IC in the Push and Pull directions, respectively. The extent of damage that occurred o
the top and bottom of the columns are cornparable in all the three columns and is shown in Fig,7-
32 and Fig.7-33.

In conclusion, test observations confirm that failure did not occur in the joints, which
allowed the test specimen to develop its ultimate moment capacity. Moreover, response of the
test unit ilustrates that the models developed at UCSD for joint design were adequate for the
seismic design of the joints Ultimate displacement capacity of the test specimen was
characterized by low cycle fatigue fraciure of the column longitudinal reinforcement and
matched satisfactonly with the theoretically predicted failure mode. Condition of the test unit
at the peak maximum displacement arc depicted in Fig.7-34 and Fig.7-35.
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Fig.7-13 Flexural Cracks on Top of the Cap Beam - Exterior Joint KJ1I
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Fig.7-14 Spalling of Cover Concrete and Initiation of Radial Cracks on the Bottom
Beam Surface - Interior Column IC

&

>, ]

Fig.7-15 Cap Beam Cracking at u,= +IxI- Exterior Joint KJI
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Fig.7-17 Cap Beam Cracking at u,= +3x3 - Exterior Column ECI
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Fig.7-21 Joint Region Cracking at u,=+6x3 - Interior Joint 7J
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Fig.7-23 Damage to Joint Region at u,= +8x3 - Exterior Joint KJ2
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Fig.7-25 Column Deformation at u,= +10x3
Exterior Column EC1

Fig.7-24 Damage to Joint Region at u,=+10x2
Exterior Joint KJ1




A 1

at u,= -10x2 (Pull) - Exterior Joint KJ2

Fig.7-26 Cap Beam Cracking on the Bottom Surface
at u,= +10x2 (Push) - Exterior Joint KJ1



Fig.7-29 Strain Penetration Damage at u,= +10x2 (Push) - Exterior Joint KJ2
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Fig.7-31 Strain Penetration Damage at u,=-10x2 (Pull) - Interior Joint TJ
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Fig.7-33 Extent of Spalling - Typical at Base of All Three Columns
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Fig.7-35 Test Unit at u,=-10x2
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7.2 Force Displacement Response

Fig.7-36 shows the measured total lateral force versus the lateral displacement response
of the test unit along with the predicted response established in Seetion 6.1, Response of the test
unit shows that the ultimate flexural strength of the columns was achieved, as characterized by
fracture in four of the columns longitudinal bars due to low cycle fatigue. The test unit displayed
considerable energy absorption capacity with stable hysteretic behavior, as indicated by the area
nside the experimental force-deformation hysteresis loops.
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Fig.7-36 Force Displacement Response of the Test Unit
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The maximum lateral force applied to the test unit was recorded during the first eycle at
the displacement ductility level g, At this cycle, in the push and pull directions the lateral forces
were +2,756 kKN and -2,654 kN, respectively. During the second and third eycles, in the push
direction, a drop in the lateral force of approxmnately 8% and 11%, respectively, was recorded
compared to the forces obtained in the first cycle. During the first eycle, in the push direction,
and at the displacement ductility level y,,, the lateral force was 2,486 kIN, which corresponds to
a reduction of approximately 10% from the maximum observed lateral force. This slight
reduction in capacity can be attributed to spalling of the cover concrete in the gap regions at the
column top. In addition, before fallure of the column longitudinal bars, the maximum achieved

displacement ductility was g, and failure of the colurmnn longitudinal bars was observed at the
displacement ductilily was g,

Referring to Fig.7-36, the pre-test analysis response curve is m good agreernent with the
test results in the early and later stages of testing. However, between the displacement ductility
i, and g, there is a slight deviahion from the observed response, which is believed to be due to
delayed spalling of the cover conerete in the test umt when compared to the analytical model.

7.3 Column Longitudinal Reinforcement Strains

Strams presented in this section and subsequent sections are indicated as negative when
the bar is subjected to compressive sirains and posittve when subjected to tensile strains.
Yielding of the column longitodmal reinforcement occurred at £2250us, as determined from
uniaxial tensile testing of these bars.

Strain histories of four columnn Jongitudinal reinforcement gages are presented in Fig, 7-37
and Fig.7-38. Fig.7-37(a) depicts the strain history for longitudinal bar 4 of exterior column
EC2 at the interface with the cap beam. This bar i3 in compression in the push direction, and in
tension in the pull direction. Complete strain history is shown only up to displacement ducrility
M, because the strain gage began malfunctioning at g, Fig.7-37(a) reveals that this bar yielded
in tension during the fivst cycle to —x; in the pull direction, and yielded in compression during
the third cycle at +x, in the push direction.

Fig.7-37(b) depicts the strain history for longitndinal bar C of exterior column EC2 at
the cap beam interface. This bar is in compression in the pull direction, and in tension in the push
direction. As in bar 4, complete stram istory is shown until failure of the gage at g,. Fig. 7-37(b)
reveals that this bar yielded in tension during the first cycle to -, m the pull direction. This
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strain gage began malfunctioning before it reached yieldmg in compression. Data presented for
bars A and C indicate a good correlation with the theoretical first yield.

Fig.7-38(x) depicts the strain history for longitudinal bar € of exterior column £C2in
the joint region (610 mm above the cap beam inferface). Complete siram history 13 shown only
up to displacement ductility g;, because the strain gage failed beyond u;. On the other, Fig.7-
37(h) presents the strain history for longitmdinal bar £ of exterior column FC2 at 965 mm below
the cap beam inlerface. This strain gage was functioning properly during the full festing
procedure. Recorded strains indicate that this bar was close to yielding in tension, whick
indicates the active participation of the longitudinal reinforcement at this location.

7.4 Footing Starter Reinforcing Bars Strains

In Chapter 6 it was shown that yielding of the starter reinforcing bars in the pin
connections was expected at approximately 50% of theoretical first yield, ¥, , according to events
1,2 and 3. On the other hand, Fig,7-39 reveals that these bars yielded at approximately 100%
of theoretical first yvield and they were generally subjected to tension. Such a discrepancy is not
expecied to alter the predicted overall response of the test unit.
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7.5 V¥Yertical Strains from the Steel Shell

Conversion of vertical and hoop straing into stresses when in the inelastic range requires
the use of technigues based on an incremental theory of plasticity. However, because the verhical
and hoop strains in the steel shell were rather small yielding of the steel shell was determined
based on a strain =1500 g&.

In this section and future sections the values shown in the strain profile plots are those
corresponding to the first cyele peak values. Steel shell vertical strain profiles along vertical line
A are presented in Fig,7-40, and steel shell horizontal strain profiles at level 5 are presented in
Fig.7-41. Referring to Fig.7-40, strains at level 5, are higher than at the upper level 4 in both
loading directions. Depicted in Fig.7-40 and Fig.7-41 are also the corresponding vertical strain
profiles for the column longitudinal bar 4 at the displacernent ductility g, which indicate higher
strains in the colwmn reinforeing bars than in the steel shell vertical gages at any stage of testing.
A comparison between the steel shell and column bar strains show that only a partial composite
action was developed in the instrumented height of the column with a significant contribution
from the column bars.
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7.6 Column/Joint Transverse Reinforcement Strain

Strains were also recorded in the column transversce reinforcement and in the joint
horizontal hoops as shown in the instrumentation layout shown in Fig.5-25. As previously
described, steel coupons from the column and joint spirals and hoops did not have clearly
defined yield points. As a result, vield strains plotted in Fig.7-42 and Fig.7-43 were estunated
at £2250 ge. Strain histories of the columns transverse reinforcement gages are presenied in
Fig.7-42 and Fig.7-43.

Fig.7-42(a) and Fig.7-42(c) depict the strain histories of two gages from exterior joint
K2 transverse reinforcement along lines .4 and € just above the cap beam interface (i.e. level
£). And Fig.7-42(b) and Fig.7-42{d} depict the strain histeries for exterier column EC2
transverse reinforcement gages along lines A and € below the cap bearn interface (1.e. level 5).
Strains that develop along lines 4 and € indicate the confinement strain demand in the hinge
region, as a result of the applied axial load and lateral deformations. Referring to Fig.7-42, the
low level of confinement strains in the plastic hinge regions is dug to the fact that steel shell
provided necessary confinement to the concrete.

Spiral strains along vertical lines B andfor D are shown in Fig.7-43. Along these lines
there is a higher participation of shear to the induced strains. In Fig.7-43(a) a sudden strain
increase at the lateral load of V=1685kN, #”,, and level 3 corresponds to the onset of diagonal
shear cracking in the joint regions, as described in Section 7.1.2. As it should be expecied, the
demand on the column spirals are low because of the participation of the steel shell in the shear
resisting mechanism, and there is an active participation of the joint hoops. However, it should
be noted that joint hoop strains indicate that the yield strength was never reached and the amount
of hoops provided in the joints was adequate.
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7.7 Horizontal Strains from the Steel Shell

As previously described, yielding of the steel shell was defined at £1500 g2 based on a
vield strength of 276 MPa. Steel shell horizontal sirain profiles along vertical line A are
presented in Fig.7-44. Also included in this figure are the corresponding stramn profiles for the
colurnn transverse reinforcement along line 4. As it would be cxpected, comparable strains in
the column transverse reinforcement and in the steel shell horizontal gages wers obtainged, which
indicate the steel shell was adequate in providing additional confinement to the columns.
Recorded strains in the steel shell confivms that the thickness of the stecl shell was adequate to
provide necessary confinement to the concrete infill.

The horizontal steel shell horizontal strain profiles along vertical line 8 are presented in
Fig.7-45(a) and Fig.7-45(a). As in Fig.7-44, in Fig.7-45(a) are also shown the corresponding
vertical strain profiles for the column transverse reinforcement along line B at the displacement
ductility g,, and in Fig.7-45(b) are depicted the corresponding vertical strain profiles for the
column transverse reinforcement along line B but at the displacement ductility g, which indicate
that hoop sirains in the steel shell were below the expected yield strains. These strains develop
as a result of the input shear force and arc small, which indicate that the section exhits
sufficient reserved capacity.
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7.8 Cap Beam Top and Bottom Longitudinal Reinforcement Strains

Instramentation of the test unit inchuded strain gages along the top and bolom
longitudinal reinforcement of the cap beam, as illustrated in Chapter 3. In thas sectton strain
profiles developed for the cap beam fop and bottom reinforcement are presented.

Fig.7-46 and Fig.7-47 show the strain profiles of the top longitudinal reinforcement along
the cap beam and in the vieinity of exterior column EC2, respectively. Strain profiles depicted
in Fig.7-46 and Fig.7-47 indicate that the yield strength was never developed in the fop
longitudinal reinforcement during testing. The strain gage labeled 8 in Fig.7-47 was located
beyond the outer column bar bend. Large strains were recorded at position 6 at the column face,
but a significant strain drop from 6 to & can be clearly seen. This implies that no significant
deterioration of bond strength cccurred in the stub region,

Bottom longitudinal reinforcement strain profiles along the cap beam and in the vicinity
of exterior column EC2, are presented in Fig.7-48 and Fig.7-49, respectively. Strain profiles
depicted in these figures show the bottom longitudinal reinforcement response was below
yielding during the test, except at position 3, as identified in Fig. 7-42, A maximum tensile strain
of +4800 us at the displacement ductility of g, was recorded at this location. This is believed to
be due to localized cracks and should not be of a concern, because strains at similar locations in
other joints were below yield strains. As in the top beam reinforcement, small sirains were
recorded at position 8 in Fig.7-49. However, significant strains were induced at position 7
outside of the column, which is believed to be due to joint force transfer mechanism.
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7.9  Cap Beam and Joint Vertical Stirrup Strain

(Cap beam and joint vertical stirrups strain profiles and four strain histories obtained from
the interior joint stirrup gages, in the vicinity of mterior column JC, are presented in Fig.7-5( and
Fig 7-51, respectively. Strain levels recorded in this reinforcement can be taken as an indication
of joint performance. Consistent with test observations at {irst joint cracking, 2 sudden increase
in demand in the joint region is seen in the ductility range of g, , to g, ;. Furthermore, the strains
in the reinforcement remained generally below yield up to the displacement ductility level g,,
but exceeded the yield strains at larger ductility levels. Although, such high strains were not
expected, development of straing up to 0.02 at large ductility ievels arc not detrimental to the
structure [3], as confirmed by the recorded force displacement response of the test wnit and
fracture of the column bars indicating that the ultimate capacity of the column was achieved..
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7.10 Cap Beam Horizontal Joint J-Hooks Strain

Strain gages were also installed in some of the horizontal J-Hooks located in the joints,
and strain histories for these gages are presented in Fig,7-52. Gage readings indicate that nonc
of the J-Hooks developed its yield strength, with the maximum recorded strains reaching 60%
of &,. However, such large strains confirm that the horizontal J-Hooks took part in the force
transfer across the joints.

7.11 Strain Measurements in the Cap Beam End Horizontal U-Bars

In order to prevent the bend at the end of the cap beam longiiudinal bars from
straightening, horizontal U-bars were installed at the ends of the cap beam, as shown in Fig. 2-9.
In Fig.7-53 is shown strain history for these horizontal 1-pins at the cap beam ends. Strain
histories obtamned from some of these U-bars are shown in Fig.7-33. In all cases low strains were
recorded, which should be expected since no spalling occurred to the cap beam end cover
concrete. However, it is not advised that such reinforcement be eliminated unless continuity 1s
ensured between the top and the bottom beam longitudinal remforcement [4] . If U-bars are not
provided, any damage to the cap beam end cover concrete is likely to trigger a joint failure,
which should not be permitied m any circumstances. A further investigation examining
anchorage of the external strut in the stub of the exterior joint with discontinuous top and bottom
beam longitudinat reinforcementt as in the test unit is appropnale.
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8§  CONCLUSIONS AND DESIGN RECOMMENDATIONS

8.1 Overview

The full-scale proof test of a bridge bent having three cast-in-place steel shell columns
was presented in this report. Overall dimensions of the test structure were chosen based on
rypical dimensions found in multiple column bridge bents which have been designed and built
by the Alaska DOT. The columns in the test unit were modeled from the bottom of the bent cap
ter the mflection point, as described in Seetion 2.1. The behavior of in-ground hinges, which
develop in multiple columm bents with continuous pile shaft/column system, was not investizated
in this project. In the test unit, steel shells of the columns were terminated below the cap beam
to avoid premature damage in the beam by the steel shell during laterat load response. A cap
beam width of 1.5, where I is the column dismeter, was used in the test unit consistent with
current seismic design practice [14].

The design of the test nnit was performed in accordance with the capacity design
philosophy utilizing research findings from previous smudies at UCSD [1][4][5]). The locations
of plastic hinges were selected at the top of the columns and the cap beam was protected from
any significant inelastic actions by capacity design. When designing the column/cap beam joints,
emphasis was placed n minimizing reinforcement quantities so that constructable joint details
were obtained. Ancherage of the column longitudinal reinforcement into the cap beamn was
achieved with straight bar ends since J-hooks or tails at bar ends can also create congestion of
reinforcement in the joint zones.

When subjected (o an in-plane simulated seismic loading, the test unit exhibited excellent
response with progressive damage cccurring in the predetermined column plastic hinge regions
as intended in the design. Conclusions drawn from this research study and recommendations for
setsmi¢ design of multi-colunm bents suitable for the State of Alaska and other regions of high
seismicity are given below.
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3.2 Conclusions

Considering the design procedure adopted for the three column bent test unit, its seismic
performance, and processed experimental data, the following conclusions can be drawn:

{i) The column longitudinal reinforcement of 2.5% adopted in the test unit, and
column plastic hinge confinement and shear requirements were adeguate to develop dependable
inelastic seismic response for the cast-in-place steel shell three column bent.

() A maximum system ductility of 8 was obtained for the test unit without any
significant degradation to its lateral load resisting ability. At this displacement ductility, the
colhurmns were subjected to a drift of 7%, which is about 309 higher that expected in design level
carthquakes.

{iii} ~ Terminating the column shells 51 mm below the cap beam soffit avoided any
damage oceurmng to the cap beam as aresult of large inelastic actions developing in the column
hinges during seismic response.

(ivi  The UCSD three component shear model ensured adequate strength in the
colurnms and cap beam, which aveided any nndesirable brittle shear failure developing in these
members.

{v) A minimum embsdment length based on a uniform bond stress of
LI7 E { MPa [ was provided for the column bars into the cap beam. Developiment of column
moment capacities in the plastic hinges confirmed that the anchorage details of the column bars
were adequate.

(vi)  Behavior of the cap beam was satisfactory. As intended in the design, the beam
response was essentially elastic with damage limited to evenly distributed cracking.
Consequently, the cap beam would not require any repair when the structure is subjected to
design level earthquakes.

{vii}  The joint design based on a rational force transfer method significantly reduced

the amount of reinforcement within the joint. However, the reinforcement provided in the joints

was sufficient to ensure desirable response for the multi-column bent under seismic loading.
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{viti) The analytical procedure adopted for predicting seismic behavior of the test
structure was satisfactory. The theoretical curve underestimated the force resistance of the test
unit by up 10 8% in the ductility range from 2 10 6, which was 2 consequence of delayed spalling
of cover concrete in the column plastic hinge regions due to the presence of steel shells,

8.3 Seismic Design Recommendations for Bridge Multiple Column Bents

Based on the design and performance of the multi-column bent test unit and other
recently completed UCSD research siudies relevant to the current investigation [13{4][5], the
following design recommendations are made for seismic design of multi-column bridge bents
with circular CISS-colummns. Tt is assumed that multi-column bents are designed using the
capacity design philosophy with hinges forming at the column ends. The live load contribution
was tgnored in the laboratory test described in this report, An appropriate level of live load shall
be included when determining the design forces when its contribution is expected to be critical.

8.3.1 Column Design

(i) An appropriate level of column longitudinal reinforcement shall be provided
based on the design moments calculated for the columms. However, to avoid practical difficultics
in placing and confining large steel quantities, it is recommended that the cohimn longitudinal
steel ratia be limited to 8.005 5 p, = 0.04 {1].

(if)  In order to ensure sufficient displacement ductility capacity of multi-column
bents, a minimum confinement to the plastic hinge region in accordance with equation (4.7) shall
be provided. The necessary confinement can be provided in the form of spiral reinforcement or
by the column steel shell as was done in the Lest unit.

(¢} To avoid undesirable shear failure in the columns, adequate transverse
reinforcement shafl be ensured using the three component shear model [12] with the modification
for axial load contribution as discussed in Section 4.1.1. Consistent with this model, the requited
amount of spiral reinforcement shall be obtained from equations (4.5) and (4.6} assnming
flexural-shear cracking at 8 = 35° Based on test results, when steel shell colurmmny/ pile shaft, are
used special shear reinforcement will not generally be required.
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8.3.2 Cap Beam Design

{i) Design of cap beam shall be performed using the typical strength reduction factor
p=09.

i)  When joints are designed nsing rational force transfer models, itis recornmended
that the cap beam shall be designed to remain elastic by accounting for strain hardening of the
reinforcerment and material uncertainties in the columns.

i)  When a multi-column bent is designed with a wider cap beam, it is appropriate
to distribute a portion of the longitudinal reinforcement along the sides as in the test upit while
ensuring 7 5% of the bottom beam reinforcement passes through the column reinforcement cages.

(iv}  For bent caps integral with bridge deck, the contribution of deck and soffit
reinforcement to the cap beamn moment resistance can be accounted for in accordance with
¢urrent design practice.

8.3.3 Reinforced Concrete Joint Design

In order to reduce the jomt refnforcement and improve constructability, the cap
beam/column joints of multiple column bridge bents shall be designed using the procedure
discussed below. The joint detailing is based on the modified external sirut force transfer model
[5] with the principal tensile stress (see equation (4.19) for estimating p,) as the initial design
parameter. In deriving the joint design procedure, the reguired angles for varicus struts were
obtained assuming the cap beamn depth is between D) and D+155 {mm), where D is the column
diameter. If the depth of the cap beam is outside the above range, the required jomt
reintorcement shall be evaluated uvsing the procedure described in reference [S].

(i} When p, > 42 \/?: { MPa |, joint reinforcement 13 obtained assuming that
about ).5T i3 anchored by the clamping mechanism with the assistance of an external joint stut

wiile the remaining tension force is supported by the splice transfer mechanism (sce Section
4.3.3).
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fi1)  Accordingly, @ bridge tee joint is detailed with the following reinforcement;

{e) Additional external vertical stirmups in the cap beam with a total area
equal to:

'f;’: 3

wy
where 15 the overstrength factor of the column longitudinal reinforcement, A, 15 the total area
of longitudinal column reinforcement, £, is the yield strength of column lengitudinal
reinforcement, and £, is the yield strength of vertical stirrups. The external stirrups shall be
provided in the cap beatn over a distance h, from the joint interface as addition to the beamn shear
requirement, where hy 1s the cap beam depth.

A, ~01255, A, (8.1)

{B)  Internal vertical joint stirrup reinforcement amounting to:

5,
Ajw =0.095 1 A "2 {8.2)
s
{c) Volumetric ratio of the joint herizontal reinforcement (hoops) equivalent
to the greater of:
0301, A_ f; "
B = 8.3
¥ 1 f f;-,.& { )
or
§ F
po2 0.29 [MPaj 3.4)

yi
where I, 1s the anchorage length of the coluran bars into the joint and £, is the yield strength of
the joint hoop reinforcement. The reinforcement requirement of equation (8.3) is to resist a
tension force 0.25T, within the joint while the requurement of equation. (8.4) is to ensure some
tensile resistance when cracking occurs in the joint. Derivations of the above equations may be
found in reference [1]. It is suggested that the required horizontal spiral reinforcement be
distributed over the entire embedment length of the column reinforcement. To simplify

construction procedure, this reinforcement may be provided as lap welded hoops rather than
continupus spirals.
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{d) Area of additional top beam longitudinal reinforcement amounting to:

44, =0I72, .rﬁftm_,'h (8.5)

b
where £, is the yvield strength of the beam longitudinal reinforcement.

fe) Area of additional bottom beam lengitudinal reinforcement equal to:

AAy, =015 A_ % (8.6)
wh

In the above equations, the material properties may be approximated to:
1. & =1.4 with an assumption of £, =1, =f,, =T, or
2. 3, = 1.3 with actual measured values of {,, f,,, f, and £,

(i) A bridge knee joimt subjected to opening morments 18 detaled using the
procedurs described for the tee joint except that no additional beam top reinforcement given by
equation (8.5) is required. Furthermore, beam longitudinal reinforcement shall be provided as
continuons reinforcement through the joint or an alternative detail as adopted in the test unit
ensuring anchorage of the joint strut resulting from the splice mechanism (i.e., at node F in Fig.
4.8(a) ).

{tv)  No special reinforcerment is required for a bridge knee joint subjected to closing
moments when it is designed for opening moments as recommended above. However, it is
suggested that the vertical portion of the continuous beam longitudinal reinforcement shall be
located approximately at h,/2 from the outer face of the exterior column.

{v) If the beam longitudinal reinforcement is rof provided as continuous
reinforcement, then the knee joint shall be detailed with additional top beam reinforcement equal

to the amount given by equation (8.3} to ensure satisfactory joint force transfer under closing
moments.

(v} ~ When p, < 0.29 ,!?: fMPa ], joint reinforcement is reduced to nominal
requirements with no additional steel in the cap beam. Nominal joint reinforcementt shall satisfy
the following details [13:
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(a) Vertical joint reinforcement amounting to

b
A, = 006254, A,, i (8.7
By
(b} Volumetric ratio of the joint horizontal reinforcement as required by

equation (8.4).

(vii) When 0294 f/<p, < 042 f/ IMPa], a linear interpolation of the
reinforcement required for the two principal tensile stress lmils can be nsed.

{viti) Inall cases, column bars shall be extended as close to the top beam longitudinal
reinforcement as possible with a minimum embedment length into the joint as given by:

‘f;’ﬂ
7
e
fixj  All the vertical stirrups in the joint region shall be provided as closed ties with
appropriate number of crossties in aceordance with recormmendations in current design practice

1, >034d, @9

{c.g. reference [14])

(x}  When the columm framing into ajomt is detailed with longitudinal reinforcement
ratio p, > 3%, a minimurmn joint conerete strength of 35 MPa shall be specified [4].

{xt}  Termination of the connection reinforcement below the cap beam shall be based
on an average bond strength of 0.80 MPa, which is consistent with values found in reference
[11]. The connection reinforcement lap length shall be computed based on the development
length of the steel shell or the subgrade moment profile, given by:

S5

by =2 or L, =75%L, (8.9)
dre

where I, is the distance from the cap beam interface to termination of the connection
reinforcement, and L .18 the distance to the point of inflection A, as depicted in Fig. 8- 1.

fxii}  In order to avoid local buckling of the steel shell the concrete infill shall extend

beyond the subgrade hinge to a depth where the moment dernand i3 less than 30% of steel shell
yield moment, as depicted im Fig. §-1.
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Further specialized studies, as illustrated by studies performed by Budek ct al.[7],
examining termination of the connection reinforcement and concrete infill below the cap beam
interface shall provide additional data to substantiate these recommendations.

Seismic Ferce
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Section
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{xii) A displacement ductility of g ,= 4 shall be set as the maximum limiting ductility
capacity for the design of these steel shell column/pile shafis multiple column bents,

When a multiple column bridge bent is designed based on the above reconmendations,
a ductile seismic response can be expected up to the design drift limit state.
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