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" d in cooperation with the State of Alaska Department of Transportaijon and Public Facilities. 

Thi' T"Port describes the research investigation of a full',cale bridge bent conducted for the State of Alaska 
Deparlment of Trau'l'ortation and Public Facilities. The bent consisted of three cast-In-place steel .hen oolumn. and wa, 
deoigned ""ing research findings from recently completed projects at the University of CalifoITll. San Dlego (UCSD) to 
~-n,ure a ducnle performance under sei<mic loading. 

Specific wsks investigated in this rcscacch project were: (I) column longitudinal reinforcement ratio, (2) straight 
WT anchorage of the column longitudinal min(OTcement into the wamfcolumn joints, (3) termination of the column steel 
shdl. below the cap warn, (4) flexural design or the cap warn to sustain maximum feasible input moments from !he 
colunms, (5) shear design of the cap !:>earn, and (6) dc"gn 01 the cap !:>eamJcolurnn joints. Test results were then used to 
validate the procedure presented in this research project for the seiSUllC design of reinforced concrete bridge bents with 
multiplo column Casl-m-Place Steel Shell:;. 

Following the design of !he les! unit, !he monotoni~ force-displacement Tesponse was predIcted using a posh-over 
analY$l' program. and seismic testing of the f~l1·scale structure was subsequently conducted. Expenmental results 
mdlcate that the test unit responded in a ductlk manner with column moment capacities developing in preselected hinges, 
and the ultimate displacement capacity was charactenzed by low cycle fatigue fracture of the colullUlS longitudinal 
Tewforcement. which matched satisfactorily with the theoretically predicted failure mode. In addition, processed lest data 
and test observations confirm that no joint failure occurred, which ensured {he development of the column ultimate 
moment capacities. Consequently, corroborated \>y e~perjmenta! Investigation. the design procedure was adequate in 
ensuring a ductile perlormance of !he test llIlit. ln thIS T"POrr aTe presented: (1) the design details of the test utlil, (2) 
result' of the pushover analysis. (3) test obseI"Yation'. (4) TedUOed test data, and (5) seismic design recommendations. 
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Abstract 

This report describes the research investigation of a full-scale bridge bent conducted for 

the State of Alaska Department of Transportation and Public Facilities. The bent consisted of 

three cast-in-place steel shell columns and was designed using research findings from recently 

completed projects at the University of California San Diego (UCSD) to ensure a ductile 

performance under seismic loading. 

Specific tasks investigated in this research project were: (1) column longitudinal 

reinforcement ratio, (2) straight bar anchorage of the column longitudinal reinforcement into the 

beam/column joints, (3) tcnnination of the column steel shells below the cap beam, (4) flexural 

design of the cap beam to sustain maximum feasible input moments from the columns, (5) shear 

desigu of the cap beam, and (6) design of the cap beam/column joints. Test results were then 

used to validate the procedure presented in this research project for the seismic design of 

reinforced concrete bridge bents with multiple column Cast-in-Place Steel Shells. 

Following the design of the test unit, thc monotonic force-displacement response was 
predicted using a push-over analysis program. and seismic testing ofthe full-scale structure was 

subsequently conducted. Experimental results indicate that the test unit responded in a ductile 

manner with column moment capacities developing in preselected hinges, and the ultimate 

displacement capacity was characterized by low cycle fatigue fracture of the columns 

longitudinal reinforcement, which matched satisfactorily with the theoretically predicted failure 

mode. In addition, processed test data and test observations confirm that no joint failure 

occurred, which ensured the development of the column ultimate moment capacities. 

Consequently, corroborated by experimental investigation, the design procedure was adequate 

in ensuring a ductile perfonnance of the test unit. In this report are presented: (1) the design 

details of the test unit, (2) results of the pushover analysis, (3) test observations, (4) reduced test 

data, and (5) seismic design recommendations. 
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1 Introduction 

Over the past thirty years there has been a continuous effort by structural engineers and 

researchers to develop procedures for the seismic design of reiuforced concrete bridge structures 

with an intension of avoiding structural failures in seismic zones. Seismic design of bridges in 

the United States and many countries abroad is currently based on a capacity design phIlosophy 

[1]. A fundamental basis of this seismic design method relies on carefully selecting and detailing 

regions where inelastic actions arc to occur during seismic events. Furthermore, all other regions 

are designed to remain elastic under seismic loading according to a strength hlerarchy sllfficient 

to cope with potential strain hardening and uncertainties in matcrial properties. 

Consistent with the principles of a capacity design philosophy, the ideal approach for the 

seismic design of reinforced concrete multiple column bridge bents is to conveniently select 

plastic hinges to formin the top and bottom of columns [1]. As plastic hiuges develop in the top 

and bottom of coluIIllls, inspection and repair can be achieved without significant traffic 

disruption, and a ductile performance is easily achleved by the confining action of steel shells 

and/or tnmsverse reinforcement. Thus, the earthquake energy is dissipated in the column plastic 

hinge through hysteretic damping. In addition, cap beams are protected from any significant 

inelastic actions, as thcse members are not conveniently used to provide cncrgy dissipation. 

1.1 Background 

In reviewing reports and publications concerning the seismic perfonnance of bridge 

structures in recent earthquakes, there are a considerable number of reports that document 

numerous failures in bridge structures. For example, during the 1971 SanFemando earthquake, 

anchorage failure of a column longitudinal reinforcemcnt occurred by pull-mit of the entire 

reinforcement cage from the footing. Tn this footing the top layer reinforcement was not 

provided, and as a result, a proper transfer of forces did nOl develop for the anchorage of the 

columu longitudinal reinforcement [1]. Other examples demonstrated the impact of brittle shear 

failure of columns in the unsatisfactory performance of bridge structures under seismic acllons, 

as documented from the 1987 Whittier and 1994 Northridge earthquakes [1]. Thcsc types of 

failures developed as a result of inadequate transverse reinfoKement and lead to rapid strength 

degradation. Cap beam failures were also documented from previous earthquakes mainly as a 

result of shear failurcs, premature curtailment of the negative momcnt reinforeement (lOp), and 

anchonlge failure ofthe eap beam longitudinal reinforcement in the cnd regions [1]. Moreover, 

other types of failures were also documented in the connection between the cap beam and the 

columns. These are some of the documented failures from previous earthquakes, which lead to 

~ 1 ~ 



a rapid strength degradation, low energy absorption struClllral systems and must be avoided if 

a proper ductile response of a bridge structure is desirable. 

Following these majorcarthquakes, extensive experimental and analytical studies were 

conducted at UCSD to evaluate these failures, provide design guidelincs and prevent future 

catastrophic failures of bridge structures. Assessment of a number of design details of bridge 

structures built in the State of Alaska [2] was conducted by employing some of the models 

developedat UCSD. Analyses of these bridges under simulated seismic loads indicated that thcre 

is a high propensity for excessive damage to these bridges. Some of the design deficiencies 

identified during this part of the study were: 

(i) Excessive Amounts of Column Longitudinal Reinforcement. Forexample, a column 

longitudinal reinforcement ratio as high as 10% was identified in tbe columns of the Susitna 

River Bridge [2]. This high level of reinforcement ratio imposes very large shear demands in the 

joints and consequently, requires impracticable amounts of reinforcement in the JOllltS. 

(ii) PotentW.1 for Pl,,~·tic Hinging in lhe Cap Beam. As an example, aeap beam ultimate 

flexural strength to colullUl ultimate flexural strength ratio of approximately 0.50 was identified 

in the Chena River Bridge [2], Consequently, inadequate longitudinal reinforcement in the cap 

beam will not prevent inelastic actions from developing in these members under seismic loading. 

(iii) Inadequate Joint Shear Reinforcement. Inadequate joint shear reinforcement will 

not prevent undesirable inelastic actions in the connection of the beam to the coll.lmn. 

(iv) Deficient Cap Beam Shear Strength, Inadequate transverse reinforcement woi.!ld 

lead brittle shear failure of the cap beam based on the levels of design forces imposed from 

colullUl. Inadequate confinement of plastic hinges in the cap beam will result in premature 

failure. 

(v) Embedment of Slee! Shells in the Joint Region. A pile shaftlcolullUl, commonly 

employed in the construction of bridges in the State of Alaska, consists of acast-in-place steel 

shell section (CISS), which is embedded into the cap beam/colullUl connection. Even at low 

levels of colullUl rotation, damage to the cap beam bottom surface cover concrete would be 

inevitable dlle to the prying action of theembeddcd portion of the steel shelL This may result in 

exposure of the cap beam reinforcement to corrosive environments and premature corrosion of 

thIS reinforcement, which would be potentially hazardous under seismic actions. 
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In order to address the above design issues and to ensure a proper ductile response of 

multiple column bridge bents, findings from recent research studies at UCSD were used to 

design the test unit. In this context, state-of-the-art seismic design procedures recommended by 

Priestley et al. [1] , testing of bridge joints systems and multi-column bents test units by Sritharan 

et al. [3][4][5], and seismic testing of pile foundation systems by Silva et al.[6], are relevant to 

the current investigation. 

As a main objective to develop constructable joints with minimal amount of 

reinforcement, several joint tests were conducted at UCSD, and a joint design methodology is 

recommended in reference [5]. One of the test units consisted of two joints in a multiple column 

test configuration, as depicted in Fig. 1-1. In addition to investigate the joint detaili ng, seismic 

design of multiple column bents was verified and appropriate recommendations are provided in 

reference [4], which were utilized in the design of the test unit presented in Chapter 4. 

Fig. 1-1 Deformed Shape of a Previous Test Unit 
Representative of Multiple Column Bents 
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In addition , a series of pile to pile cap connection tests were conducted also at UCSD to 

provide basic infonnation as to the state of damage of pile foundation systems at the connection 

of piles to the pile cap [6] . In these series of tests, two cast-in-place steel shell piles with steel 

shells embedded into the pile cap were used, reflecting typical Caltrans pile details, which have 

direct relevance to the seismic perfonnance of CISS pile/cap beam connections. Test results 

show that the pile cap was severely damaged, as a result of the prying action of the embedded 

steel shell , as depicted in Fig. 1-2 

Fig. 1-2 Damage of a Test Unit with a Steel Shell 
Embedded into the Pile Cap 
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1.2 Scope of Research 

The primary objective of this research project was to experimentally validate the design 

recommendations developed for the seismic design of reinforced concrete bridge bent~ with 

cast-in-place steel shells. Design recommendations presented in this report were developed in 

accordance with the capacity design philosophy prcviously described. Specific issues adopted 

for the design of the Alaska full scale proof test were: 

(i) Column Longitudinal Reinforcement. In the United States the upper limit for the 

longitudinal steel ratio is 8%. However, this limit is uncommonly usedin design practice because 

it leads to design difficulties associated with the confinement of large steel quantities, flexural 

and shear design of the cap beam, and joint reinforcement design, which are essential for a 

ductile perfonnance of bridge bents. In reference [1], the recommended upper hmit for the 

column steel ratio is 4%, and ratios below 3% are nonnally found in the design of bridge 

colwnns. Consequently, the longitudinal reinforcement ratio was limited to 2.5% consistent with 

the design recommendations by Priestley et al.[l]. 

(U) Anchorage of Column Longitudinal Reinforcement, In order to improve 

constructability of the joint regions, the column longitudinal bars were tenninated straight into 

the cap beam. 

(iii) Steel Shell Embedment. In orderto protect the cap beam from extensive damage due 

to the prying action of the steel shells, the steel shells were tenninated 51 mm below the cap 

beam. 

(iv) Confinement of Plastic Hinges. Confinement of !he colwnn plastic hinge at the gap 

region was ensured by providing adequate transverse reinforcement to constrain buckling of the 

column longitudinal reinforcement and permit large inelastic rotations. 

(v) Cap Beam Design. Design of the cap beam was developed in order to ensure an 

elastic response of this member under seismic action. 

(vi) Joint Design. Design of the connection between the cap beam and the columns was 

performed to achieve joint constructability and to limit significant damage within the jointregion 

under scismic actions. 



Another issue, in the seismic design of pile shaft/columns that deserves special attention 

is the formation of suhgrade hinges. These in-ground hinges were not studied in this research 

projcct, but could bear examination in further specialized studies, as illustrated by studies 

performed by Budek et a1.[7]. 

Competence ofthedesign procedure established for reinforeedconerete bridge bents was 

examined in a proof test, by studying the influence of the design issues described abovc on the 

overall seismic response of a full-scale test unit. Based on the seismic performance of the test 

unit, appropriate design recorruncndations were made, and in a parallel analytical study an 

attempt was made to predict the monotomc force-displacement response of the test unit. 

1.3 Report Layout 

Following an introduction to the seismic dcsign of reinforced concrete bridge bents, and 

scope of the current study in this chapter, Chapter 2 describes the prototype strllcture, the 

geometry of the test unit, and the reinforcement layout for the test unit. Chapter 3 presents the 

design forces used for the design of the test unit. Chapter 4 describes the design procedure for 

the test unit, while Chapter 5covers the construction, the concrete and steel material properties, 

instrumentation, and loading sequence of the tcst unit. In Chapter 6 the predicted response of 

the test unit is presented, and in Chapter7 experimental results are described. Finally, this report 

concludes with specific recommendations for the seiamic dcsign of reinforced concrete bridge 

bents with cast-in-place steel shell pile-shaft/colullllls,as presented in Chapter 8. 
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2 Geometry and Reinforcement Layout of the Test Unit 

In this research project, a typical multiple column bcnt was investigated to assess thc 

seismic performance and capacity of a reinforced cencrete bridgc bent with integral 

pilc-·shaftlcolumns, as shown schematically in Fig. 2-1. 

2.1 Laboratory Test Model 

In erderto achieve the research objectives described in Section 1.2 it was determincd to 

represent the pretotype structure as a test model with columns extending from the cap beam to 

inflection peintA, as shO'wn in Fig. 2-1(b). 'Thus, modeling ofthc tcst unit was accomplished 

by designing the colllillllS as pirmed conditions at the base of the footings. Since it was not 

feasible to provide pin supports with zerO' moment resistance, reinforced pin conncctions were 

provided at the column bases. These pinned coooections had small moment resistance, which 

did not significantly alter thc column moment gradients. Design of these pin connections is 

covered in Section 4.4. 

Seismic Force 

, 
(a) Three Column Bent 

, 

__ .:L,,-i!)t 
Column 

(b) BMD 

Fig. 2-1 Prototype Structure and its Representative Test Model 
Using the Concept in Reference [4] 

(e) SFD 



The full-scale test unit geometry is presented in this chapter. As illuswdted in Fig. 2-2 

through Fig. 2- 4, the test unit consisted of three CISS columns with a clear height of 4.34 m and 

a center line spacing between columns of 4.27 m. The outside dimneter of the stcel shell ,-,as 

0.91 m with a thickness of 12.70 mm. The length of the stecl shells were shorter than the 

columns, which tenninated 50.8 mm below the cap bemn, and 63.5 nun above the footings. The 

test unit cap beam dimensions were 1.37 mx 1.07 m (W x H). An expansion joint material with 

a thickness of 63 .50 mm was provided in the pin connection of the columns to the footings. Tie­

down of the footings to the strong floor consisted of eight 35 nun dimneter high strength bars 

with a stressing force per bar of534 kN. The dimensions of each footing were 2.29 ill x 1.67 ill 

x 0.61 nun reinforced concrete section with the tie-down arrangement illustrated in Fig. 2-3. 

Gravity loads were simulated at four locations along the cap beam using four loading 

fixtures, which were positioned at 1.22 m from the column centerlines, as illustrated in Fig. 2-3. 

The total axial load required adjacent to the exterior colullUlS was 1,223 kN per loading fixture, 

and the total axial load required adjacent to the interior column was 445 kN per loading fixture, 

which provided a total applied axial load of3,336 kN. To simulate the seismic lateral forces, two 

hydraulic actuators were attached to the test specimen on each side of the test unit through load 

transfer blocks. One of the actuators was connected to the laboratory strong wall while the 

second actuator was connected to two reaction frames by a transverse steel beam. These two 

hydraulic actuators have a maximum stroke of 457 rum and a maximum capacity per actuator 

of 1,397 kN in the pull direction and 2,286 kN in the push direction, which provided a tolal 

feasible lateral force of3,683 kN. The vertical distance from the line of action of the applied 

lateral force to the center line of the cap beam was 1.52m and the distance to the laboratory floor 

was 7.01 m, as illustrated in Fig. 2-2. In the remainder of this report columns and joints of the 

tcst unit are designated according to the identification presented in Table 2-1. 

Table 2-1 ColUlllll and Joint Identification 

Exterior Column ECI 

Interior Column IC 

Exterior Column ECl 

Knee Joint - Exterior KJI 

Tee Joint - Interior TC 

Knee Joint - Exterior KJ2 
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2.2 Reinforcement Layout of the Test Unit 

The test unit was detailed according to design considerations presented in Chapter 4. 

In this section, a summary ofvarloUS reinforcement details is presented. A brief description of 

the reinforcement utilized in the construction of the test specimen columns, cap beam, joints, pin 

connections and footings are presented. A section depicting the overall reinforcement hyontis 

presented in Fig. 2-5. 

2.2.1 Column Reinforcement 

Design of the test unit was performed in order to model the seismic response of a three 

column/cap beam bridge substructure system. Column section dimensions andreinforcementare 

presented in Table 2-2. For the design of the column longitudinal reinforcement, a ratio of 

pj=2.5% was chosen, in order to avoid design problems related to confinement oflarge amounts 

oflongitudinal reinforcement, cap beam reinforcement for flexural and shear design, and joint 

shear reinforcement. Furthermore, this steel ratio matches typical values used in bridge design 

11]. This reinforcement ratio lead to a section with 16 - M36 bars with a total longitudinal 

reinforcement area of 16,112 mm'. The gross sectional area was 0.62 ml, which does not include 

the steel shell area. The column bars 1iVere arranged around the inner circumfercru:c of thc spiral 

steel with a cover concrete to the outside of the steel shell of 76.20 mm, as shown in Fig. 2-6 

and Fig. 2- 7. The column longitudinal reinforcementterrninated straight into the cap beam with 

a development length of940 mm and a clear distance to the cap beam top surface of 127 mm. 

Table 2-2 CollUllll Section Dimensions and Reinforcement 

CollUllll Diameter i 910 mm Outside Diameter 

Steel Shell Thickness 12.70 mm 

Inner Core Longitudinal Reinforcement 16 - M36 (p I = 2.5%) 

Transverse Reinforcement 
Hoops: M16@ 127 mm o.c. -Inside Joints 
Spirals: MI6@305mmPitch-OntsideJoints 

Steel Shell Gap 
Top of Columns: 50.8 mm 
Bottom of Columns: 63.5 Inm 

Covcr to Longitudinal Reinforcement 76mm 



Because of the presence of the 12.70 mm thick steel shell, the transverse reinforcement 

consists only of nominal reinforcement of M16 spirals at a pitch of 305 mm below the joint 

region for assembly of the longitudinal reinforcement stool cage. 

2.2.2 Cap beam Reinforcement 

Reinforcement of the cap beam was designed based on the design procedure presented 

in Section 4.2 and Section 4.3. and cap beam section dimensions and reinforcement are 

presented in Table 2-3_ The longitudinal reinforcement in the cap beam was detennined by 

ensuring that yielding in this reinforcement did not occurred at the established design moments. 

Additional longitudinal reinforcement required for joint force transfer mechanism was also 

provided. With distribution of some longitudinal reinforcement along the sides as recommended 

in 14], reinforcement of the cap beam top layer consisted of 10 - M29 and 6 - M29 bars in the 

vicinity of the exterior columns and interior COJUlllIlS respectively, as illustrated in Fig. 2-8(a). 

In the bottom layer 13 - M29 and 6 - M29 bars are provided in the vicinity of the exterior 

colunms and interior columns, respectively, as illustrated in Fig. 2-8(b). Additional top and 

bottom longitudinal reinforcement was provided according to the models presented in Secti,}D 

4.2. Additionally 5 - M29longitudinal bars were provided in the bottom layer reinforcement and 

6-M29 longitudinal bars were provided in the top layer reinforcement in the exterior jointsKJI 

and Kn. Additional1y, 6-M29 longitudinal bars were provided in the top and bottom layer 

reinforcement in interior joint TJ. In addition, 8-MI3 horizontal J-hooks were provided within 

the joint region and 12 and 10 legs MIO horizontal U-pins were provided in the top and bottom 

layer, respectively, at the cap beam ends, as illustrated in Fig. 2-5 and Fig. 2-9. 

The transverse reinforcement in the cap beam was obtained from shear andjoint design 

considerations (see Chapter4), which resulted in different reinforcement quantities in various 

regions along the cap beam. In exterior joint KJI, the column transverse reinforcement in this 

regioneonsisted of M16 welded hoops al127 mm on center. Inside this joint region, the vertical 

StiULIPS reinforcement consisted of 2 sets of6legs MJ3 stirrups equally spaced. Outside of the 

joint region 5 sets of6legs MI3 stirrups were provided in the overhang, and 6 sets of6legs MI3 

stirrups were provided within a distance of 533 rom from the column face, equally spaced and 

designed according to the model presented in Section 4.3. In addition, 8-M13 horizontal J-hooks 

were provided within thc joint region, and 12 and 10 legs MIOhoriwntal U-pins were provided 

in the top and bottom layer, respectively, at the cap beam ends, as illustrated in Fig. 2-6. 

In interior joint TJ, transverse reinforcement in this region consisted of M16 welded 

hoops at 127 mm On center. Inside this joint region vertical stirrup reinforcement consisted of 
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3 sets of61egs M13 stirrups, equally ~1'aced. Outside of the joint region 7 sets of6legs M13 

stirrups were provided within a distance of 1.07 m from the column face, equally spaced and 

desigued according to the models presented in Section 4.3. In addition, 8-M13 horizonlal 

J-Iwoks were provided within the joint region, as illustrated in Fig. 2-7. 

In joint KJ2, vertical stirrup reinforcement consisted of 3 sets of 6 legs M13 stirrups 

equally spaccd, and outside of the joint region 5 sets of6legs MI3 stirrups were provided in the 

overhang, and 7 sets of6 legs M13 stirrups within a distance of 1.07 m. from the column face 

equally spaced. Reinforcement detail in exterior joint /u2 is shown in Fig. 2-6. 

Table 2·3 Cap Beam Section Dimensions and Reinforcement 

Cap Beam Width 1.37m 

Cap Beam Depth 1.07m 

Top Layer Longitudinal Exterior Joints 10 - M29 

Reinforcement Interior Joint 6-M29 

Bottom Layer lAlngitudinal Exterior Joints 13 "M29 

Reinforcement Interior Joints 6 - M29 

Side Reinforcement 
Exterior Joints 4 -1\.129 

Interior Joints 2 - M29 

Minimum Shear Reinforcement 4 legs ofM13@241mm.o.c. 

Vertical Stirrups Reinforcement 
2 Sets 6 Legs Ml3 Inside Joint 

5 Sets 6 Legs M13 in Overhang 
Exterior Joint KJl 

7 Sets 6 Legs M13 within533 mm from Column Face 

Vertical Stirrups Reinforcement 3 Sets 6 Legs M13 Inside Joint 

Interior Joint TJ 7 Sets 6 Legs Ml3 within 1.07 m from Column Face 

Vertical Stirrups Reinforcement 
I 3 Sets 6 Legs Ml3 Inside Joint 

5 Sets 6 Legs M13 in Overhang 
Exterior JointKJ2 

7 Sets 6 Legs M13 v.ithin 1.07 m from Column Face 

Cover to Top lAlngitudinal 

Reinforcement 
51= 

Cover to Bottom Longitudinal 

Reinforcement 
51= 
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2.2.3 Footing Reinforcement 

A total of 13 - M22 bars top and bottom with a reinforcement ratio of 0.24% was 

provided in the longitudinal and transverse direction. Vertical MI3 J-hooks were provided in the 

footings ateach bar intersection. The connection of the columns to the footings consists of 8 sets 

(16legs) M19 bars arranged in a criss-cross pattern, and with a development length of 1.22 m, 

as previously described, and presented in Fig. 2-10. 

Table 2-4 Footing Dimensions and Reinforcement 

Footing Plan Dimensions 2.29 m x 1.67 m 

Footing Height 610mm 

Longitudinal Reinforcement 
Top: 13-M22 
Bottom: 13 _ M22 

Vertical Reinforcement M13 l-Hooks 

Reinforcement in 8 sets (16 Legs) M19 with a Vertical Lap 

ColumnlFooting Connection Length of 1.22 m 

Cover to Longitudinal Reinforcement 51 mm 
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3 Analysis Considerations 

The design forces and theoretical response of the lest unit were obtained from a pushover 

analysis. The procedure followed in this analysis is described in Section 3.1 and the results are 

presented in Section 3.2 and Section 3.3. However, it must be emphasized that a similar t)pe 

of analysis is not required to establish design forces for multiple column bents. A simpler 

approach based on column overstrength moment capacitics obtained from a section analysis can 

be adopted as described in references [I] and [41. In this chapter, a brief description of the 

analytical model is presented, and results that were used to establish the test unit design forces. 

3.1 Modeling of the Test Unit 

The pushover analysis in this study "WaS conducted through a control program, "'hich 

interacted with a moment-curvature analysis program [8J and a structural analysis program 

CALSD (9], wmch were both 

developed at UCSD. An analytical 

flllite element model was developed 

to study the seismic response of the 

test unit. The cap beam and columns 

were modeled using elements with 

member lengths to the centerline of 

the columns and cap beam. During 

the analysis, each element stiffness 

was updated based on the tangent 

stifiiless approach mu:,"trated in Fig. 

3-1 and computed according to the 

following expression: 

Curvature 

Fig. 3-1 Tangent Stiffness Approach 

• 

(3.1) 

where the change in moment 4Mp and change in curvature4 rp were obtained from the moment 

curvature analysis at each incremental setup. A moment curvature program, using a model 

d~veloped by Mander et al. for confined concretc (10], was developed to update the stiJTness of 

each element. 
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The moment curvature program allows for modeling of the columns circular section steel 

shell and longitudinal reinforcement. In these analyses, the development length of the colnmn 

longitudinal reinforcement at the colrunn bascs and the stecl shell at the top and bottom of the 

columns was modeled according to the regions presented in Fig, 3-2, 

From regionA to region J, the implemented moment curvature program allows modeling 

of the different regions by considering percentages of contribution of the colrunnlongitudinal 

reinforcement and steel shell (0 the equilibrium equation~ according to th" expression. 

(3,2) 

where lic is the r,,~-ult<lnt compression force in the confined and/or unconfined concrete 

section. Confinement of the concrete core was computed from the confining action of the steel 

shell due to radial confining stresses that develop in the sted shell according to the relationship: 

~'-!~~ (13) 

The horizontal volumetric confinement ratio of the steel shell is givcn by thc expression: 
_ 4t; 

Psj - D. _ 2 t. (3.4) , , 
where!" is the steel shell yield strength, ~ is steel shell thickness andDj is the outside diameter 

of the steel shelL The confined concrete compressive strength can then be estimated from the 

confining action offue steel shell according to the expression [10]: 

[ 
'" f.' 2 f.' ) f, '~/.' ],]54 1 +' I - __ I -1,]54 

IT C h' h' 
(3.5) 

Chai et al. [11] presents a procedure for computing the effects of confinement of concrete by 

means of a steel jacket, 

Additional variables in equation (3,2) are the terms £sC: and £,T, , which represent 

the resultant compression and tension forces in the reinforcing steel, and a, defrnes a percentage 

contribution of the longitudinal reinforcement in the development length zone at the base of the 

columns_ Similarly, in equation (3,2), the expressions £ . .c,,,,"and £'jT''-'!lare respeclively 

the compression and tension resultant forces in the steel shell, and a'Jis a variable that define~ 

a percentage contribution of the steel shell at the top and bottom of colwnns to account for the 

development offorccs in the steel shell. Referring (0 Fig. 3-2, the values oflhe variables a. and 

a,; were defined according to the values depicted in Table 3-L 

- 24-



Table 3-1 Variables a, and a5j Numerical Values 

Region Member Region wngitudinal Reinforcement Steel Shell 

Limit' Contribution Value, a, Contribution Value, a,j 

A Column 152 1.00 0,00 

B Column 305 1.00 0,00 

C Co1_ 914 1.00 0.15 

D Co1_ 1,295 1.00 0.30 

E Co1_ 1,676 1.00 0.60 

F Column 2,972 1.00 0.90 

G Column 3,353 1.00 1.00 1 

H Colunm 3,734 1.00 0.60 

I Column 4,145 1.00 0.30 

J Column 4,801 11 0.85 -J2 0.63 - J3 0.38 0.15 

K Pin 4,880 Pin Connection Detail Pin Connection Detail 

L Cao Beam - Cao Beam Detail Cap Beam Detail 

1 Full composite action of steel shell and concrete core 

, Distance in millimeters from cap beam centerline to end of region. 

To compute the development length forthe column longitudinal reinforcement at the base 

of the columns, the variable a, was defined based on an average bond strength of 

Po, = 1.17';1: , which is consistent with values presented in reference [11. An expression to 

compute the development length is presented in Section 4.2. In addition, the variable a'i was 

defined by assuming that 15% of the steel shell forces are developed at the end of Region C. 

Thus, the average tensile bond strength of the steel shell was 2.08 MPa, which is consistent with 

values found from test presented in reference [61, and may be computed in this region C 

according to the expression: 

0.15 In tj 
Jl",~ ~ Lc 

0.15 x 250 x 12. 70 
219 

= 2.08 MPu (3.6) 

where Lc is the distance between from top of shell to the node situated in the end ofRcgion C. 
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3.1.1 Pushover Analysis 

The following are physical boundary conditions and relevant data that were used to set 

up the finite element model: 

(i) Elemem Stiffness_ As the lateral load was incremented at each step, a 

moment-curvature analysis for each column and cap beam segment was performed with a 

varying axial load obtained from the pushover analysis. A column segment refers to all the 

elements in each column, and a cap beam segment refers to those elements which are situated 

from the column centerline to the point of inflection in the cap beam. Then, each element 

stiffuess was updated according to equation (3.1), and the input file was revised forre-analysis 

of the finite element model. 

(ii) Column Top Gap. The column top gap, Region B, was modeled with a single 

element 51 mm long, which corresponds to the length of the steel shell gap in this region. The 

length of this beam element was updated at each incremental lateral load to account for strain 

penetrations of the column longitudinal reinforcement into the cap beam according to the 

following expression [I]: 

(3.7) 

where I", is thc strain penetration of the columns longitudinal reinforcement, and}; is the steel 

stress evaluated at each incremental step, but less than thc longitudinal rcinforcemcnt yield 

strength.!; 

(iii) Colunm Base Boundary Conditions. The base of each column was modeled as a 

fixed end condition. However, upon reaching the ideal moment capacity of the pin connection 

the boundary conditions at the base of the columns was modified to a pinncd end condition. 

(iv) Loading Conditions_ The lateral load was applied to the finite element model at 

every node along the cap beam located 610 mm away from the columns centerlinc. To model t~ 

vertical distance between the centerline of the a<..'tuator to the center line of the cap beam the 

nodal loads consisted of horizontal point loads and moments, which were obtained by 

mnltiplying the nodal horizontal loads by a lever ann 1.07 m. 



The pushover analysis was perfonned according to the follovving steps: 

(i) Gravity Load. In this stage, only the axial forces and the test specimen scIfweight 

were imposed on the model as described in Fig. 3-2. 

(iO Initial Lateral Load. After simulation of the gravity loads, each element stiffness 

was updated and an initial lateral load was applied, such that at any location, the bending 

moment was below cracking, either in the columns or cap beam elements. 

(iii) incremental Lateral Load. At each successive iteration and up to the ultimate 

moment capacity of the columns, while maintaining the imposed lateral load constant, 

intennediate steps were perfonned and equilibrirun was achieved when the element properties 

remained constant along the length of the column. 

(Iv) Analysis in a Descending Branch. To provide an analytical solution for elements that 

display a descending branch, (i.e. negative stiffuess), each element stiffness in a descending 

branch "Was set as positive. Then, at each incremental step, increases in deflection, rotations and 

curvatures were obtained from the pushover analysis results and sununed to the respective 

resultant variables, and moments and shear forces were subtracted from the resultant moments 

and shcar forces. 

(v) Ultimate Momem Capacity. The procedure was carried out until ultimate conditions 

were observed in the top element of one of the columns in region B, which represents the plastic 

hinge zone. 

3.2 Pushover Analysis Results 

In this section some results are presented forthe pushover analysis, which were then used 

fOT the design of the test unit. The design part of the test unit was performed using estimated 

concrete material properties and average steel material properties obtained from the material 

properties presented in the Section 5.2.2. In the design of the test unit, the estimated unconfined 

concrete compression strength for the column analysis wasf,=28 MPa, and for the cap beam 

analysis the estimated unconfmed concrete compression strength wasf,=34 MPa. In addition, 

thc steel material properties were obtained from three reinforcement tensile strength tests. 

Reinforcement yield strength fOT the different bar sizes are presented in Table 5-2. 
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In the finite element model, modeling of the prototype gravily load was accomplished by 

imposing four vertical point loads along the cap beam such that the end bending moments in the 

cap beam approximately matched with the bending moment due to application of the prototype 

gravity loads. As previously described, the simulated gravity loads were positioned at 1.22 m 

from the centerline ofthe columns. Adjacent to the exterior oolumns the point loads v,-ere 1,223 

kN and adjacent to theinteriorcolumn the point loads were 445 kN for a total applied axial load 

of3,336 kN. Thus, as presented in Fig. 3-3, the axial load due to the simulated gravity loads and 

selfweight in the exterior columns was 1,070 kN and in the interior column was 1,760 kN, 

whereas the axial loads due to the prototype gravity loads were 1,259 kN and [,948 kN in the 

exterior and interior columns, respectively. 

In Fig. 3-3 the bending moment diagram due to gravity loads is shown for the test 

specimen and forthe prototype structure. Referring to Fig. 3-3, in the vicinity of the columns the 

bending moment profile of the model and the prototype were approximately identical, as 

previously stipulated, except at the cap beam midspans. Bending moment profiles depicted in 

this figure and subsequent figures are shown on the tension side of the members. 

Fig. 3-4 shows the bending moment diagram due to gravity loads and lateral seismic 

forces at ultimate response ofthe test unit. At ultimate state, in thc push direction, maximwn 

bending moments occur in exterior column Eel (4,038 kN), followed in the interior column Ie 

(3907 kN) and next in the exterior column Eel (3,296 kN). 

Referring to Fig. 3-5, in the push direction, under gravity loads and lateral seismic load, 

maximum achieved shear force in the exterior column, Eel, was 790kN.In the interior oolunm. 

Ie, the maximum shear force was 933 kN. In the exterior column, Eel, the shear force was 965 

kN. Maximum lateral seismic force estimated was 2,688 kN. 

In Fig. 3-6 maximum achieved axial load in the exterior column, Eel, was -752la'l in 

tension. In the interior column, Ie, the maximum axial load was 1,807 kN in compression. In 

the exterior column, Eel, the axial load was 2,820 kN. Se1fweight of the columns was estimated 

at 76 kN, pier cap 357 kN, and load transfer blocks that were attached to the cap beam 220 kN. 

Column and cap beam member end forces were then used for design of the test unit, which are 

presented in Section 3.3. 
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3.3 Cap Beam Design Forces 

The column overstrength moments are largely dictated by the stress-strain characteristics 

oflhe longitudinal reinforcement. When the column longitudinal stcel properties are aV..liiabie 

from material testing, Sritharan et a1.[4] recommend that the column overstrength moment can 

be approximated to 1.05 times the theoretical maximum moment. Furthermore, thc gravity loads 

induced in the columns are small when compared to the moments due to lateral seismic forces, 

as described in Sedion 3.2. Therefore, the cap beam design bending moment and shear forces 

were conservatively estimated according to the expressions: 

(3.8) 

where M D."", is the cap beam design moment at the column face, ME is the bending moment 

caused by lateral forces, MD is the bending moment caused by gravity loads, and 'l'jis equal to 

0.90 and represents the flexural capacity stren~,'threduction factor. Fig. 3-7 presents the cap beam 

design bending moments evaluatcd at the column faces. 

Similar to the design moments, design shear forces were computed at the column faces 

according to the expression: 

(3.9) 

where Vb_ is the dcsign shear force. Vii is the shear force caused by lateral forces, Vb is the 

shcar force caused by gravity loads, and '1', is equal to 0.85 and represents the capacity reduction 

factor for shear. Fig. 3-8 presents the cap beam design shear forces evaluated at the column 

faces. Design axial loads were those obtained from the pushover analysis at the ultimate state. 

The axial loads appropriate for the cap beam design were obtained by combining the 

gravity loads and seismic load contributions with considerations to colwnn ovcrstrength. The 

critical design moments, shear forces and corresponding axial forces are listed in Table 4-1. 
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4 Design Considerations 

Design considerations adopted in the detailing of the test unit are presented in this 

chapter. Design forces used in the design ofilie test unit are presented in Section 3.3. 

4.1 Column Design Considerations 

According to a capacity design philosophy it is required that undesirable modes of 

defoonation such as shear be inhibited. and the columns must be designed with adequate 

transverse reinforcement to ensure adequate confinement of the coillillll plastic hinges. In this 

section, design of the colrunn shear and transverse reinforcement (plastic hinge regions) are 

presented. 

4.1.1 Column Shear Design 

The shear strength of test unit columns was computed according to the recommendations 

given in reference [11 for the design of a reinforced cross section. The shear strength of the 

columns was computed based on the UCSD additive three component model, which is expressed 

in teons of the following expression [1]: 

(4.1) 

where ~,is the design shear force, V,.V, and Vp are the contributions from concrete, transverse 

reinforcement and axial load shear resisting mechanisms, respectively. 

4.1.1.1 Concrete Component 

The strength of the columns concrete shear resisting mechanism was based on the 

following equation [11: 

Vc = k 0.8 Ag {i: (4.2) 

where k depends on the curvature ductility, J.l~, as presented in reference [I] and Fig. 4-1(>\)_ 

4.1.1.2 Axial Load Component 

Axial load contribution to the shear resisting mechanism was obtained according to the 

following expression [1][41: 

Vp = k P tan a (4.3) 

wherek is equal to 0.85 for axial compression and L15 for axial tension, and ais the inclination 

of the axial strut, as illustrated in Fig. 4-1(b). The value of a can be obtained from a 

moment-clUVature analysis of the section at the colrunn and/or cap beam ends_ 
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Substituting for tana in equation (4.3) in terms of the neutral axis, column diameter and 

effective length, 1', the following exprcssion was derived to compute the axial load contribution 

to shear resistance: 

V =kP D/2-cl2 
, I' (4.4) 

where c is the column neutral axis, andl'is the distance from the top of the column to the point 

ofinflectioIL, as depicted in Fig. 4-1(b). 

4.1.1.3 Steel Componentfor Circular Columns 

The steel truss component for a reinforced circular section with a stcel shcll and/or 
transverse reinforcement was computed based on the following expressions: 

(1) Sleet Shell Contribution [11\: 

V, =; fyjtj(D'j -tj ) cot 0 (4.5) 

(2) Tr(1nsverse Reinforcement Contribution [12]: 

(4.6) 

whereD ~ is the steel shell inside diameter, NA is the section neutral axis, D 'is the coufined core 

diameter, A", is the cross sectional area ofthc spiral transversc reinforcement, and Ois thc crack 

angle, which was taken as 35° degrees. 

19ooringthe concrete and axial load contributions to the shear resisting mechanism, the 

shcar strength of one single column (considering only the steel shell truss mechanism) "vas 

estimated at 7,230 kN, which is considerably higher than the expected maximum lateral force 

(includes the three columns), as described in Section 6.1. Thus, the columns had reserved shear 

capacity to resist the induced shear forces, and !he test unit is expected to display a predominant 

flexural response under the applied seismic loading. 

4.1.2 Column Transverse Reinforcement 

4.1.2.1 Confmement of Plastic Hinges 

Confinement of the column in the plastic hinge region (gap region) was satisfied 

according to the following requirement [4j, in order to ensure a dependable ductile perfonnance 
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of the structure: 

P, _0.16 Fu [0.5+ I.15P]+0.J3(PI_0.01J 
f"" f/« + Ag 

(4.7) 

where P. is the volumetric ratio of the transverse reinforcement content./' "" is the estimated 

concrete compressive strength,),"" is the estimated yield strength of the column longitudinal 

reinforcement, P is thc column axial load. Ag is the column gross sectional area, and PI is the 

column longitudinal reinforcement. 

4.1.1.1 Resistance Against Buckliflg 

In order to prevent buckling of the column longitudinal reinforcement, in the gap region 

at the top of the column, the following design requirement was satisfied [1]: 

Ps "0.0001 n (4.8) 

where n is the number of column longitudinal reinforcing bars 

4.2 Cap Beam Design Considerations 

The design of the cap beam was performed considering the column overstreub>th, to 

ensure that the cap beam remains essentially elastic and inelastic deformations are concentrated 

in the column plastic hinges under the imposed gravity and seismic loads. The coillillll 

overstrengths consider material uncertainties and strain hardening of the column longitudinal 

reinforcement. Design forces for the cap beam design are presented in Section 33. 

4.2.1 Cap Beam Width 

The width of the cap beam was chosen consistent with current seismic design practice 

[13]. Accordingly, the cap beam width was taken as: 
D 914 

Wb "D +2- "914 +1x- =J.37m (4.9) 
4 4 

Thus, the width of the cap beam was 1.37 m. 
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4.2.2 Cap Beam Depth 

The cap beam depth was dimensioned to ensure that the column longitudinal bars have 

sufficient development length into the joint region. The minimum development length was 
determined using recent recommendations by Priestley ct al. [1], and has been experimentally 

verified by Sritharan et al.[3][4]. The development length of the column longitudinal bars was 

obtained assuming an averagc bond stress of.u av = 1.17 {Z", and development length of a M36 

bar was computed based on the expression [1]: 

1/ 450 Id = 0.3 db -- =0.3 x 36 x _ '" 822mm R fH 
(4.10) 

The cap beam depth was h. = 1.07 m computed based on a development length of940 

llllll forthe column longitudinal reinforcement and adear distance from the column bars to the 

cap beam top surface of 127 llllll. 

4.2.3 Cap Beam Flexural Design 

Computations of design moments, shear forces and axial forces were described in Section 

3.3, and are presented in Table 4-1. Reinforcementlayout for the test unit is presented in Section 

2.2. 

Table 4-1 Cap Bcam Design Moments. Shear Force and Axial Force 

Design Moment Design Shear Force Axial Force 

knm kN kN 

Positive Moment at the 

Exterior Column Face 
3,698 1,036 -790 (T) 

Negative Moment at the 
3,384 3,416 965 (C) 

Exterior Column Face 

Positive Moment at the 

Interior Column Face 
1,163 1,192 ,382 (T) 

Negative Moment at the 
1,922 3,256 551 (CJ 

Interior Column Face 
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Limiting cap beam design moments to the yield moments at the appropriate sections, and 

allowing distribution of the longitudinal reinforcement in the sides of the cap beam, the 

following reinforcement quantities were obtained: 

(I) Exterior Joinl Region. Top bars: 10 - M29, Bottom Bars: 13 - M29, and Side Bars: 

4 - :M29. 

(ii) InrerioT Joint Region. Top and Bottom Bars: 6 - M29, and Sidc Bars: 2 - M29. 

The adequacy of the amoWlt of cap beam longitudinal reinforcement is illustrated in Fig_ 

4-2 through Fig. 4-5, where the demand is compared to the yield moment established from 

section moment-curvature analysis based on the above reinforcemcnt dctails. 

Fig. 4- 2 presents the moment-<:;urvature analysis for the cap beam Wlder an axial tension 

load of790 kN and Wlder positive moments. In this figure it is shown that the design moment 

matches approximately with the moment at the fust yielding of the cap beam longitudinal 

reinforcement, which was 3,714 kN-m. and Fig. 4-3 presents the moment-curvature analysis for 

the cap beam Wlderan axial compression load of965 kN and negative moments, whichmatches 

approximately with the moment at first yielding of the cap beam longitudinal reinforcement 

3,466 kN-m. Shear forces depicted in these figures will be discussed in Section 4.3.5. 

For the interior joint, Fig. 4-4 depicts thc moment-curvature analysis with an axial 

tension load of 382 k:N and under positive moments. First yield moment of the cap bcam 

longitudinal reinforcement exceeds the design moment. However, a minimum reinforcement 

limit in the range of p",= 0.0035 ? was provided in the design of the cap beam to ensure 

distribution oftlexural cracks in the cap beam. Referring to Fig. 4-4, it is shown that the design 

moment was 1,163 kN-m, and is considerably lower than the moment at first yielding of the cap 

beam longitudinal reinforcement, which was 1,954 kN-m. Fig. 4-5 shows the moment-curvature 

analysis for the cap beam under an axial compression load of 551 kN and negative moments. The 

section was equallyreinforeedatthe top and bottom, thus, the first yield moment was also 1,954 

kN. Shear forces depicted in these figures will be discussed in the next section. 
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4.2.4 Cap Beam Shear Design 

Shear design of the cap beam was performed using the three component shear model 

developed at UCSD as presented in Section 4.1.1. 

4.2.4.1 Concrete Contribution 

Forthe cap beam. thcconercte sheareontribution was obtained from the ASCE-ACI 426 

[14] design recommendations, whicli ean be described as follows II]: 

(4.11) 

In the presence ofaxial load, the concrete shear strength, Vc> is obtained according to the 

relation [I]: 

Vc =Vb(l + 

Vc=Vb(l+ 

3P ) (axial compresswn ) 
fe' Ag 

".d 
P ) (axial tension) 

500 Ag 

(4.12) 

where P is positive for compression and negative for tension, and v. is the nominal shear stress 

computed based on the relation [1\: 

Vb =(0.066 ... 10p,) VI: s 0.2 VI: (MPa) (4.13) 

where p,is the tension steel reinforcement ratio. Table 4-2 presents the concrete contributions 

to the shear resistance at various cap beam sections. 

Table 4-2 Concrete Contributions to Shear Resistance in the Cap Beam 

Axial Force p, ". " V, 

kN Steel Ratio 1 kP, kP, kN 

Positive Moment at the 

Exterior Joints 
-790m 0.0065 772 607 627 

Negative Moment at the 

Exterior Joints 
965 (C) 0.0050 683 683 70' 

Positive Moment at the 

Interior Joints 
-382 (T) 0.0030 565 510 523 

Negative Moment at the 

Interior Joints 
551 C 0.0030 565 566 583 

, .. 
Remforcement forthe Jom! mechamsm was wnservallve1y excluded. 
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4.24.2 Axial Load Contribulion 

The axial load contributions to the shear resistance of the cap beam section was 

previously described in Section 4.1.1.2, and are presented in Fig. 4-1(b). Substituting fortana 

in equation (4.3) in terms ofthe neutral axis, the cap beam depth and the distance from column 

face to column face, the following expression was derived to compute the axial load contribution 

to the shear resistance: 

1:1 +1:2 

_h:.~-=j::'~ V ~k P 2 
p leap 

(4.14) 

where c, and c2 are the neutral axes ou either side of the cap beam. andl""l'is the cap beam clear 

distance to the column faces. Axial load contributions to the shear resistance are presented in 

Table 4-3. 

Table 4·3 A;da] Load Contribution to Shear Resisting Mechanisms Calculations 

Axial Force (c,+c2)/2 en" k V, 

kN mm kN 

Positive Moment at -165 
-790 (J') 248 0.244 -1.15 

the Exterior Joints (l) 

Negative Moment at 

the Exterior Joints-
965 (C) 279 0.235 0.85 196 (C) 

Positivc Moment at 

the Interior Joints 
-382 (J') 178 0.265 -LIS -80 (f) 

Negativc Moment at 

the Interior Joints 
551 (C) 197 0.259 0.85 112(C) 

4.2.4.3 Transverse Reinforcement Contribution 

Vertical stirrups in the cap beam were designed to satisfy the shear force given by: 

(4.15) 

where VN is the required design shear force presented in Table 4-1. The vertical reinforcemeut 

contribution to the shear resisting mechanism for rectangular sections is given by [1]: 

V = A,p~.(h:-c) cotO , , (4.16) 

where h.' is the confined section depth, A,p is the cross sectional area of the vertical 

reinforcement, and 0 is the crack angle taken at 35°. 
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4.2.4.4 Maximum Spacing ofShellr Reinforcement 

Maximum spacing of shear reinfon:ement in the cap beam was provided according to the 

following expression 114]: 

$""", :> 0.50 hI = 533 mm :> 610 nun (4.17) 

This expression leads to a lllilXimum spacing of 533 mIll. 

4.2.4.5 Minimum Shear Reinforcement 

Minimum shear reinforcement in the cap beam was provided according to the following 

equation 114]: 

A, = (0.35 eo $)/iy, [MPaj (4.18) 

This expression leads to a minimum shear reinJorcement of 440 mIll2. Shear 

reinfon:ement provided in the joint region and within a distance of h, from the column face was 

6 legs ofMI3 stirrups at approximately 356mm, and outside of the joint region 4 legs ofM13 

at 250mm were provided, as shown in the design drawings presented in Soction 2.2, which are 

within the spacing limits and minimum shear reinforcement. Based on the calculations presented 

in Table 4-4 shear reinforcement provided in the vicinity of the joint region was 6 legs M13 

vertical stirrups at 356 nun on centers. 

Table 4-4 Cap Beam Shear Rcinfon:ement Design 

v,- Provided Spacing V, Shear 

Vu- V,-v" Sh= - kN Reinforc. 

kN Reinforcement 

Positive Moment at 

the Exterior Joints 
574 Minimum 

6-MI3@ 
375 2,914 

356 mm o.c. 

Negative Moment at Steel Truss 6-MB@ 
2,516 368 2,914 

the Exterior Joints Component 356 mm o.c. 

Positive Moment at 

the Interior Joints 
749 Minimum 

6-M13@ 
375 2,914 

356 mm o.c_ 

Negative Moment at 
2,561 

Steel Truss 
375 

6-MI3@ 
2,914 

the Interior Joints Component 356 mmo.c. 
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4.3 Cap Beam I Column Joint Design Considerations 

Forces acting upon a typical bridge piertee and kneejoint, are depicted in Fig. 4-6. Due 

to large shear forces that develop in bridge joints, as illustrated in Fig. 4-6(d), conventional 

design methods, which are based directly on joint shear forces, typically demand considerable 

amount of joint reinforcement [3][5]. lbis results in steel congestion within the joint regions 

creating difficulties in construction of concrete bridge joints. Therefore. the joints in the test unit 

were designed using a rational procedure based on force transfer models [1] [5]. In this study, the 

modified external strut force transfer model proposed by Sritharan [5] was employed because it 

required the least amount of reinforcement when compared to other possible models [1]. 

~''-'' ~"..., _0'= "C, t--"j".......-,v'~ 

I 
:J~f: 

, , 

~Z¥ ~ 
, , 

" - , 
I '. , , 

----

- oM 

V'o'7 V·,'7 
VJO~M·, I h, 

=P M'. M' 

t '. ' ' , '. 
(a) Tee J oint force. (b) Knee jOlnl forces (e) Moments up (d) Hor;zontal 

,he oolumn .bearforce 

. 
Flg.4 6 Average Honzontal Jomt Shear Forces m Bndge Tee and Knee Jomts [I] 

In this procedure it is suggested that only nominal reinforcement is adequate if the joint 

principal tensile stresses P, :> 0.29 {f: . The principal tensile stresses, presented in Section 

6.3, indicate higher stress levels, and the rcinforcement for the joints was provided as suggested 

in [5]. This procedure is included in the design recommendations presented in Section 8.3. The 

principal tensile stresses were calculated from: 
r,-----c7-

P, 0(\1.]- (/./)' .'f (4.19) 

wherep, is the principal tension stress,J.is the axial stress on the joint in the horizontal di\"e\..1ion, 

f,is the axial stress on the joint in the vertical direction, and v, is the joint shear stress. Joint axial 

stresses and joint shear stress are calculated in the following sections. 
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4.3.1 Joint Axial Stresses 

The average joint axial stress in the vertical direction was obtained asswning a 45~ 

dispersion of forces as shown in Fig. 4-7(a)[4]. For calculating the joint axial stress in the 

horizontal direction, the axial force was averaged over the entire beam cross sectional area 

according to the effective area shown in Fig. 4-7(b). 

Joint axial stresses were computed as follows [4J: 

; (4.20) 

where Ph is the axial force in the horizontal direction, b
J 

is the effective joint width assuming a 
45" spread in all directions [11. Dis the pile scction width and It. is the cap beam section depth. 

4.3.2 Joint Shear Stresses 

The joint shear force can be approximated to the colwnn overstrengthmoment atthc joint 

interface. as suggested in reference IIJ. Hence: 

M" 
"in =,;-

• 
(4.21) 

where YJh is the horizontal joint shear force. Vertical or horizontal joint shear stresses are 

computed from the effective area identified in Fig. 4-7(b). and computed according to the 

following expression [15[: 

V" "ih 
"j' • • = "·h 

hj Itb hi h. 
, (4.22) 

Computed average principal tensile stresses in the joint region are presented in Section 

6.3. At ultimate limit state average principal tensile stresses were estimated to be 

P, ~ 0.56 {/:,p, = 0.48 {t: andp, = 0.42 {/:' inex:terior jointKJl, interior joint TJ and 

exterior jointKJ2, respectively. "fbus,joint shear reinforcement was found consistent with the 

modified external strut model, as illustrated in Fig. 4-8. According to this model the joint 

reinforcement was provided to develop two mechanisms, namely: the clamping mechanism, at 

Node ein Fig. 4-8, and the splice transfer mechanism, atNode D in Fig. 4-8. In the following 

procedure the total reinforcement required for the two mechanisms are found using the 

recommendations provided in reference [51. 
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4.3.3 Interior Joint Design 

The joint design model assumes the force transfer for in-plane loading as described in 

Fig. 4-8. As a result, vertical stirrups outside and inside of the joint, joint horizontal hoops, 

additional top and bottom longitudinal reinforcement in the cap beam, and joint cross-tics were 

provided as described in this section. 

(i) External Joint Vertical Stirrups. Area of external vertical stirrups, A"" required 

outside the joint within a distance of hh from the colwnn face was given by: 

Ai>' = 0.125.ii.o As<, i y.c = 0.125 x lAO x 16,129 x 448 = 3,055 mm2 
f.. 414 ,.' 

(4.23) 

where 1. is the material overstr"enb>th, A", is the total area of the column longitudinal 

reinforcement,h,c is the column bar yield stTen6>th, andh ,. is the yield strength of the vertical 

stirrups. Thus, 4 sets of61egs MI3 stirrups were provided within 1.07 mfrom the column face, 

which were added to the shear reinforcement requirements described in Section 4.2.4.3. 

(ii) Internal Joint Vertical Stirrups. Area of internal vertical stirrups, A;. required 

inside the joint was given by: 

448 
= 0.095 x 1.40 x 16,129 x 414 "2,321 mm 2 

(4.24) 

To satisfY the above requirement 3 sets of6legs M13 stirrups were provided within the joint 

regions. 

(iii) Joint Horizontal Hoops. Volumetric "ltiO of the joint horizontal reinforcement, 

p" was designed according to the following expression [I]: 

P, = 0.301
0 A", f"c = 0.30 x 1.40 x 16,129 448 "0.83 % 

I; f,.h 940 2 414 
(4.25) 

where h.h is the yield strength of the joint horizontal hoops, and I. is the anchorage length of the 

column longitudinal reinforcement. A minimum value for p, was established to ensure some 

!ensile resistance after cracking develops in the joint region according to the expression [4]: 

p, 2 0.29 a =0.29 j3) 
i;h 414 

"'0.4/%<0.83% (4.26) 

Therefore,jointhorizontal reinforcement of p,equal to 0.83% should be satisfied. Using 
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M 16 welded hoops in the joint region, spacing ofhori~..onta1lt'inIorcement is obtained according 

to the expression: 

o """~4,,X~1"9~8= '" 125 mm 
762 x 0.0083 

Thus, M16 welded hoops at 127 mm On cenlers were provided in the joint regions. 

(4.27) 

(Iv) Additional Cap Beam Longitudinal Reinforcement. Additional top longitudinal 

beam reinIorcement equivalent to: 

,j Alb ~ 0.}7 2. A,-c ~,c = 0.17 x lAO x 16,/29 x 448 ~ 4,153 mm 2 

fy,b 414 
(4.2S) 

was provided in the top layer. This reinforcement was extended h. from thc column face. 

Additional bottom longitudinal beam reinforcement equivalent to: 

,j Abb = 0.15 }·o A.., 1:: = 0.15 x lAO x 16,129 x ;;! = 3,665 mm1 
(4.29) 

was provided in the bottom layer. Consequently, additional 6 M29 bars were provided in the 

top and bottom layers reinforcement. This reinforcement is developed at a distance of hb from 

the joint faces. 

(v) Joint Cross-Ties. Consistent with previous experimental studies at UCSD 

14],2 - Ml3 horizontal cross ties were provided for each vertical stirrup within the joint 

regIOn. 

4.3.4 Design of Exterior Knee Joint KJ2 

The design of exterior knee joint KJ2 was also based on the modified external strut 

model, and the corresponding meclum.ism is described in Fig. 4-9. As a result, the amounts of 

vertical stirrups outside and inside of the joint, joint horizontal hoops, additional top and bottom 

longitudinal reinforcement in the cap beam, and joint cross-ties were provided as described in 

the previous section while describing the design procedure for the interior tee joint TJ. 
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Fig.4-9 Modified External Strut Joint Force Transfer Model For Seismic Design 
of Bridge Knee Joints Subjected to Opening Moments [5] 

If the cap beam top and bottom longitudinal reinforcing bars areprovided as continuous 

reinforcement, there is no additional reinforcement required in the knee joints. However, in the 

test unit, the beam bars were not continuous and the following reinforcement was added, as 

recommended in reference [5], primarily to ensure sufficient joint response under closing 

moments. 

The external strutDz illustrated in Fig. 4-10 requires that horizontal U-pins be provided 

at the bar hooks in order to anchor the bar bents back into the joint regions. This reinforcement 

is not be required when the overhang dimension is greater than h,j2. Area of the horizontal U­

pins reinforcement were estimated according to the following expression: 

bars. 

3d. 
T ~ 0.085 T -­

, c 6 d • 
(4.30) 

Thus, 12 legs MiO were provided, and an equal amount was provided for the top beam 
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Fig.4-10 Forces Acting Upon a Bridge Knee Joint and its Idealized Joint Strut 

4.3.5 Design of Exterior Knee Joint lUi 

Since the force conditions of exterior knee joints KJ1 and KJ] are similar under reversed 

cyclic loading, the reinforcement details derived for exterior knee joint KJ2 could have been 

used for the design of exterior knee jointKJI. However, slightly different reinforcement details 

were adopted for the design of exterior joint KJl. The changes for the design of exterior knee 

joint lUI with respect to details of exterior knee joint KJ2 were as follows: 

(0 External Vertical Stirrups. The amount of external vertical slirrupswas identical 

to that provided in the interior joint TJ, but was distributed over a distance of hl2 

(ii) Infernal Vertical Slirrups. The amount of in lerna 1 vertical stirrups \vas reduced 

to 2 sets of6legs Ml3 slirruns. 

These changes adopted for the design of the exterior joint KJl were experimental in 

nature and the details adopted for the design of exterior joint KJ2 are recommended for the 

design of bridge joints, Hence, the design details adopted rorexterior joint KJl are not included 

in the design recommendations presented in Section 8.3. Further to the above changes, the joint 

J-hooks cross ties were replaced with headed reinforcement in the exterior knee joint KJl to 

validate the use of headed bars in the joint regions. Test data indicates that the headed 

reinforcement perform adequately. 
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4.4 Pin Connection Design Considerations 

The pin connections atthecolumn bases were established based on the recommendations 

presented in reference [4]. All of the column longitudinal reinforcement was tenninated 64= 

above the footings and the area of the column concrete section was reduced at the 

column/footing interface. Adequate reinforcement at the center of each column was provided to 

ensure axial and shear force transfer through the pin connection. 

As shown in Fig. 4-11 the 

concrete area at the column base was 

reduced to 406 mrn in the loading 

direction, which corresponded to a 

45% reduction in the gross sectional 

area of the column. The pin 

longitudinal reinforcement consisted 

of 8 pairs of single bars arranged in a 

criss-crass pattern detail, as shown in 

Fig. 2-10. This special detailing was 

to ensure a pin connection at the 

column base in the loading direction 

with increased moment resistance in 

the orthogonal direction to provide 

out-of-plane stability to the test unit 

during testing. 

>~,::~':::: allhe 
Pin Conneollon 

Direction 

Fig.4-11 Pin Connection Concrete Area 

The area of the concrete section was reduced at the column base usmgpads made out of 

ex.pansion joint material, as shown in Fig. 2-10. For the maximum expected lateral 

displacement of330 mm the corresponding base rotation of 0.08 was conservallvely estimated. 

Allowing a compression in the pads of up to 60% [4] a pad thickness of 63.50 mm was used. 

Limiting compression in the pads will ensure no significant force transfer through the expansion 

joint material. 
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4.4.1 Axial Compression Stress in the Concrete Key 

Assuminga uniform stress transfer through the key, the maximum average concrctc strcss 

was estimated as follows [4]: 

= 2.82 = 8.32 MPa 
0.339 

(4.31) 

A uniform stress across the concrete key is unrealistic and higher stresses should be 

expected in the extreme compression fiber of the pins. A compressive strength as high as 2/" 

is expected for the key. On this basis, it was concluded that crushing of concrete at the key would 

not occur due to axial force transfer. 

4.4.2 Axial Tension Force Transfer 

The axial tension force from the cohunn to the pin was transferred by the starter 

reinforcing bars pJaced at the center of the column. A maximum axial tension force of752 lu"J 

was estimated in the exterior column, ECI, which could be transferred by approximately 8 -

MI9 bars considering thc 45" of the starter bars. 

4.4.3 Shear Transfer 

A shear friction mechanism was relied upon for shear transfer between the columns and 

footings. Assuming a friction coefficient of p=1.0 consistent with the recommendation of ACI 

[141, the maximum shear force, VSA thatcan be transferred across the column/footing interface 

was significantly greater than the maximum shear force, V u, expected to develop in the colulIUls. 

The design shear strength at the column/footing interfacc was estimated according to the 

tollowing expression [41: 

(4.32) 

where A"" and.t;~ are the total area and the expected yield strength of the footing starter bars 

respectively. Hence: 

VSF =1.0( -752 + 4,560 x 44511,000) =1,277 kN < 790kN ,. Column EC1 

VSF = 1.0 (+1,807 + 4,560 x 445/1,000) = 3,836 kN < 933 kN ,. Column IC (4.33) 

VSF =1.0 ( +2,820 + 4,560 x 445/1000) =4,850kN < 965kN; Column EC2 
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A further check on the shearforcc transfer is necessary since the maximum value of V SF 

is also dependent on the maximum shear stress that can be developed in the concrete contact area 

between the column and footing. As recommended by Paulay et a1. [16], a maximum V SF 

corresponding to shear sliding was found by considering an allowable concrete shear stress of 

O.25f< and dowel action of the pin longitudinal reinforcement. The value of VsFcon:esponding 

shear slidingwas relatively small forexteriorcolumnECl subjected to axial tension. This shear 

force transfer was found as follows: 

VSF ~AcO.25f/c +A,0.25fy-
51 x 866 x 0.25 x 38.7 + 
(2x8x284xcos45) x 0.25 x 445 = 
784,000 N = 784 kN 

(4.34) 

Although the above value appears critical, a shear sliding failure would not be possible 

since there would be additional resistance from the criss-cross starter bars. The horizontal 

component of the tension force developed in the starter bars would participate diTectly in the 

shear transfer. Therefore, she-d!" transfer across the colwnn-footing interface should not be a 

problem in all the three pin connections. 

In the abovccalculations, it was assumed that the yield strength was developed in all 16 -

MI9 starter bars. 

Footing starter bars were extended by a distance I, above the footing. The nrinimum 

value of I, was determined based on the expression [11,[4J: 

it = 0.1671
0 

+ Dpin + Id = 0.167 x 610 + 457 + 439 - I.OOm (4.35) 

where 1< is the distance from the base of the COIUDUl to the point of contraflcxurc, Dpi" is the 

diameter of the pin and ld is the development length of the starter bars obtained according to 

equation (4.10). For a MJ 9 bar,ld was 439 mm Pushover analysis indicates that at the exterior 

colunm Ee2 the point of contraflexure is at approximately l, = 610 mm above the footing. With 

Dp;.=457 mmaminimum value of{,= I.OOm wasobtainedfromequation(4.34). In thetestunit 

the starter bars were terminated 1.22 m above the footing. 
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5. Construction, Material Properties, Instrumentation and 

Testing Procedure 

A detailed description ofthetcst unit construction sequence, instrumentation, and testing 

procedure are presented in this chapter. 

5.1 Construction of the Test Unit 

A brief description of the construction of the footings, columns, cap beam and load 

transfcr blocks are described in this section. 

5.1.1 Colunm Footings 

The column footings were constructed first. Fig.5-1 shows the reinforcement cage 

assembly of a column footing where the pin longitudinal reinforcement detail can be seen. Fig.5-

2 shows the column footings positioned on the laboratory floor ready for the installation of the 

colwnn steel shells. The concrete shear key area at the top of the footing, as identified in Fig.5-2, 

was roughened with a wire brush to expose the aggregate so that a friction coefficient of 1 or 

greater could be obtained. In addition, to create the pin connection, a 63.50 nun thick expansion 

joint material was then placed on the footings to form a smaller 381nun wide contact surfacc 

with the columns. 

5.1.2 Composite Steel Shell Columns 

Construction of the composite steel shell columns was accomplished in the next stage. 

The columns inner core reinforcement cages were assembled and strain gages were placed on 

the longitudinal and transversereinforcernent, as detailed in Section 5.3.2. The first step in this 

stage consisted of pi acing ascaffolding assembly around the footing bases in order to install the 

steel shells and to serve as a working platform for the construction of the test unit cap beam. 

Next, the steel shells were positioned in contact with the footings expansion joint material. Then, 

the column inner core reinforcement cages were placed on 6 nun pads above the expansion joint 

materiaL Casting of the concrete columns was accomplished with an industrial pump. In order 

to prcvcnt rotation of the colwnn reinforcement cages during casting, at the column base, the 

cages were tied to the footing starter bars, and on top a wooden template was attached to the 

working platform. 
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5.1.3 Cap Beam 

As construction of the columns was progressing, assembly of the cap beam reinforcement 

cage was simultaneously taking place on the strong floor in order to expedite construction of the 

test unit. Then, after casting of the colunms, the cap beam reinforcement cage was dropped in 

place. In a typical construction sequence the cap beam cage most likely will be tied in place, 

however, as it will be shown in future figures, congestion of the cap bewn reinforcement was not 

aconcern, and fitting oflhe cap beam reinforcement cage through the three column starter bars, 

in the joint region, was accomplished with minimum effort. 

In this stage, construction of the cap beam reinforcement cage consisted of first 

positioningthe cap beam bottom longitudinal reinforcement on a temporary wooden beam raised 

305mm above the laboratory strong floor. In order to ensure that the cap beam reinforcement 

cage would fit through the columns inner core longitudinal reinforcement, in the joint region, a 

template of the column bars was used during construction of the cap beam cage. A secondary 

wood bewn was raised above the strong floor to achieve the required height for construction of 

the cap bcam top longitudinal reinforcement. Before completion of the cap beam reinforcement 

cage the column horizontal hoops were positioned in the joint regions. 

Next, the cap beam vcrtical stirrups were inserted through the cap beam top and bottom 

longitudinal reinforcement and tied to the required spacing. Finally the cap beam sidc bars were 

tied to the vertical stirrups. Fig.5-3, Fig.5-4 and Fig.5-5 depict the cap beam reinforcement 

layout in the vicinity of the joints KJI, TJ and KJ2, respectively, illustrating the temporary 

wooden beams used to support the cap beam top and bottom longitudinal reinforcement, the cap 

beam vertical stirrups. and the columnhorizorrtal hoops in the joint regions.Fig.5-5 depicts the 

cap beam reinforcement cage end detail in the vicinity of the exterior jointKJ2. At this stage of 

construction, the cap beam horizontal J-hooks and end horizontal V-pins were not yet installed. 

Next, the scaffolding platform top surface was made ready for installation of the cap beam 

reinforcement cage. and the cap beam reinforcement cage was installed through the column bars, 

as illustrated in Fig.5-6. 

Following this stage, the column horizontal hoops in the jointregions were field welded, 

as illustrated in Fig.5-7. During welding of the hoops, the strain gages were protected with 

asbestos blankets from the torch flames. After welding, the joint horizontal hoops were tied to 

the columns longitudinal reinforcement to the correct spacing by alternating the welded joints 

in the direction of loading, to ensure that the welded hoop joints were not cutting through the 
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direction of shear planes that may develop in the joint regions. 

Next, the horizontal I-hooks were positioned in the joint regions. In Fig.5-8 and Fig.5-9 

is shown the reinforcement cage near the vicinity of column ECI, depicting the hori7..ontal J­

hooks in the joint region and thc position of the column joint horizontal hoops. The cap beam 

cage was (hen completed by positioning horizontal U-pins at the ends of the cage with the 

reinforcement layout depicted in Fig.5-10. 

Shear keys were then assembled in the top surface of the cap beam cagc to ensure a 
proper load transfer between the cap beam and the load transfer blocks, as illustrated in Fig.S-IL 

Finally, as illustrated in Fig.S-12, an industrial concrete pump was used in the concrete casting 

of the cap beam. 

5.1.4 Cap Beam Load Transfer Blocks 

The top surface of the cap beam, which is in contact with the horizontal actuators load 

transfer blocks, was roughened with a wire brush in order to improve thc friction resistance 

mechanism al this interface. In Fig.S-13 is shown the load transfer blocks ready for casting. 

Casting of these load transfer blocks was accomplished, as before, with an industrial concrete 

pump. Fig.5-14 illustrate the completion ofthe test unit before testing. In Fig.5-14 is shown that 

close to exterior column ECZ (he horizontal actuator was attached to a mounting platc and 

connected to two steel frantes. These steel frames were mounted over an assembly of support 

blocks to form thc correct height fOf the installation of the horizontal actuator. Close to the 

extcriorcolunmECI the horizontal actuator was attached to a mounting plate and connected to 

the strong wall. 
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Fig.5-1 A Completed Footing Reinforcement Cage Prior to Casting 

Fig.5-2 Footings in Place Prior to Construction of Columns 
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Fig.S-3 Cap Beam Reinforcement Cage in the Exterior Joint KJl Region 

Fig.S-4 Cap Beam Reinforcement Cage the Interior Joint T J Region 
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Fig.S-S Cap Beam Reinforcement Cage in the Exterior Joint KJ2 Region 

Fig.S-6 Cap Beam Reinforcement Cage in Place 
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Fig.5-7 After Placing the Cross Ties Joint Hoops were Field Welded 

Fig.5-8 Top View of the Completed Reinforcement Detail Near Exterior Joint KJl 
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Fig.5-9 Side View of the Completed Reinforcement Detail Near Exterior Joint KJl 

Fig.5-10 Reinforcement Detail at End of Cap Beam With Horizontal V-Pins in Place 
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Fig.5-12 Casting ofthe Cap Beam Fig.5-11 Cap Beam Shear Keys 



Fig.S-13 Construction of the Load Transfer Blocks After Casting of the Cap Beam 

Fig.S-14 Completed Test Unit Prior to Testing 
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S.2 Material Properties 

Concrete and steel material properties were obtained from sample testing on a Satec" 
material testing machine at the UCSD Charles Lee Powell Laboratory. 

5.2.1 Concrete Material Properties 

Fig.S-IS shows the concrete casting sequence and concrete batch number. Standard 

compression cylinder tests for the different concrete batches were performed at 7 days, 28 days 

and on day-of-testing (d.o.l.). Nine samples were taken from each batch and the measured 

concrete compression strength for each batch are presented in Table 5-1. Each concrete 

compression strength value presented in Table 5-1 represents an average from three llilconfined 

concrete cylinders (I52.4mm diameter x 304.8mm height), which were cast during each batch 

pouring. For Batches No. 1,7 and 8 no concrete compression strength tests were performed at 

the 7 days mark. 

Fig.5-15 Identification of Various Concrete Batches 
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Table 5-1 Concrete Material Properties 

Batch No. 1 7 - Day 28 -Day Day-of-Test 

t'o [MPa] fo [MPa] 

1 3.' - 30.44 

2,·j 23.4 32.0 

3 ,~ 20.2 28.9 

4 <.' 27.9 35.4 

5 '.6 29.8 36.6 

6 '.6 26.8 34.3 

7l.6 - 38.4 

816 - 39.3 

'Concrete strength was determined from 3 cylinders f()f each batch. 

'Maximum aggregate is specified as 13mm. 

'Maximum aggregate is specified as 19mm. 

'Maximum aggregate is specified as 25nun. 

'Specified f,= 28Mpa. 

'Spedfied f,= 34Mpa. 

'38 litters of water were added to concrete mix before casting. 

5.2.2 Steel Material Properties 

f,[MPa] 

43.92 

38.7 

34.8 

37.9 

39.4 

35.9 

41.5 

40.7 

Slwnp 

[=] 

143 

118 

171 

156 

121 

70 ' 

140 

133 

1bree samples of each reinforcement type were tested to determine the stress· strain 

characteristics of each bar type and the results are summarized in Table 5-2. The properties 

illustrated in Table 5-2 were obtained by testing three 914 mm long samples from the same 

group of each bar size, except for the steel shells of which no sample was tested. 



Table 5-2 Steel Material Properties 

Bar Size 1 Location 

MTI 
Footing Top and Bottom 

Lonllitudinal Reinforcing Ban; 

Mn 
Footing Vertical StilTIlps 

M36 
Column Longitudinal Reinforcing 
BM, 

M19 Pin Lon "tudinal Reinforcin Bars 

M16 Column Spirals and Joint Hoops 

M29 
Cap Beam Top and Bottom 

Longitudinal Reinforcing Bars 

M'7 
Cap Beam Vertieal Stirrups and 

Horizontal J-Hooks 

M13 
Cap Beam Cross Ties Headed 

Reinforcing Bars 

MIO U-Bras in Cap Beam Ends 

l2.70mm 2 Column Steel Shells 

Steel Shells 

L Average yield stress detennined from 3 coupons. 

! Not tested_ 

Yield Strength 

f, [MPa] 

520 

"" 
"8 

445 

<05 

<;5 

425 

450 

520 

Grade 250 

Ultimate Strength 

fo [MPa] 

878 

706 

7<; 

731 

7>0 

772 

716 

545 

821 

-

Since, samples from the column spirals and joint hoops did not have a dearly defined 

yield point, as illustrated in Fig.5-16, yield strength of these bars was established at a strain of 

0.5% consistent with ASTM specifications. The stress- strain curves obtained from the uniaxial 

tensile strength tests of the column longitudinal reinforcing bars are presented in Fig.5-17 with 

the respective stress-strain eurvc used for the column section moment-curvature analysis. 

-70 -



, , 
~ 
" , 
" 

'" 
'"0 

'" 
'" 
"" 
'"" 

'"' ~ 

'"" 
, 

00" 

: Y"IO g",m ",",d;"" Ll" 
I ASTM Sp.dfk,,;,", V 0,= O_O~j 

, , , , 
,", •• D< '"' SlOel Strain?, 

Fig.5-16 Colunm Spirals and Joint Hoops Steel Stress-Strain Curve 

• • , , , 
" , 
" 

'" 
'"' 
" 
'" 
'"' 
,"' 

'"' 
" " 0,00 

----------~,-~-,-~-;-~-;-;;;-;;-;-"'-'-"-'-"-"~~~~~~"'~'-1 r~rr_~ 

-------------

~ ,-- ,---,--, .- , -
'oo ',bl 

0,Ol 6.O. "" Stool Sim. t, 

S1«1 ",dd U", ;, "" 
Morn," Co!">,"" AooiJ';S 

,- -, - ,- -, 
''" "'" "'" '" 

Fig.5-17 Colwnn Longitudinal Reinforcing Bar Stress-Strain Curves 

- 71 -



5.3 Instrumentation of the Test Unit 

The test unit was instrumented with 46 linear potentiometer devices, 264 electric 

resistance strain gages, 6 load cells and I pressure transducer. Details of the instrumcntationare 

given in this section according to the summary presented in Table 5-3. During testing, all the 

instrumentation was connected to a high-speed data acquisition system, and the test data was 

recorded at preset trigger intervals. 

5.3.1 Linear Potentiometer Devices 

Flexural curvatures at the eolunm critical regions were experimentally determined using 

two linear potentiometers positioned on either side of the colunm in the loading plane, as shown 

in Fig.S-JS, Fig.5-19 and Fig.5-20. Fig.5-20 shows a linear potentiometer device as installed in 

the steel shells. From the displacement measurements in the linear potentiometers the curvature 

was computed as follows: 

where !P.", represent the average computed 

curvature, AN and As are experimentally 

measured by the linear potentiometers and 

reprcsentthc vertical displacements between 

adjacent curvature rods in the extreme faces 

on opposite sides of the column section, 

We", is the width of the curvature cell (or 

horizontal distance between the pair of 

linear potentiometers) andH,,,,is the height 

ofthe curvature cell (or vertical between the 

threaded rods and the bottom surface of the 

cap). Computation of curvatures was 

adjusted for the tensile strain penetration 

Lood'"9 Jro~boo 

• • 

Fig.S-IS Curvature Measurement 

(5.1) 

component in the height of the curvature cell adjacent to the cap beam, H""" as follows [4]: 

H:", ~ Hcu,( 1 -1.67~'·"l + O.022d"f, (5.2) 

where L, is the distance from the colunm inflection point to the underside of the eap beam, db is 

the column bar diameter and J; is the bar yield strength. This, modification accounts for the 
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rotation at the cap beam interface resulting from strain penetration. At the top of columns W"" 

was 1.06m, H,", was 153mm, and at maximum response Lc was 3.78m. 

Rotations of the column base at the pin connections were measured from linear 

potentiometers positioned at the oolUlllllS ends (see Fig.5-19 and Fig.5-21). Assuming 

displacements in these linear potentiometers were due to rotations at the column ends, base 

rotations were estimated as follows: 

(}base ~ (AN -As)IW"", (53) 

Cap bcam curvature adjacent to the joint was obtained using a similar procedure to that 

adopted at the colunm top. However, curvature calculations were perfonned ignoring the 

penetration effect, since strains in the eap beam longitudinal bars were not expected to develop 

beyond yielding. Therefore, cap beam curvatures were computed according to the following 

equation: 

(5.4) 

where AT and AD are the linear potentiometers readings. The measured length of the curvature 

cells, W,"" was 813mm, and the height of the curvature cells, H,"" was 203mm. 

Other external instrumentation consisted of15linear potentiometers installed on the sides 

of the cap beam in the joint regions, according to thelayout depicted in Fig.5-19. Fig.5-22 shows 

the arrangement of these devices at joint T J, to estimate joint panel defonnations. At each of the 

joint faces five linear potentiometers were used to measure the joint panel defonnation. Joint 

defonnations consists of five independent deformations modes, which are pure shear, extension 

in the x and y direction, and flexural defonnations about the x and y directions, as shown in 

Fig.5-23, and equations to compute these defonnations are presented in reference [4]. 

One linear potentiometer was installed between the two load transfer blocks, to which 

the horizontal actuators werc connected, to measure the relative displacement between these two 

blocks, as illustrated in Fig.5-19. Moreover, Fig.5-19 shows two linear potentiometers connected 

at the base of these load transfer blocks to measure horizontal slip ofthcsc blocks, and four linear 

potentiometers were similarly connected to these blocks in order to record uplift of these blocks 

during application of the lateral loads. 
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Out-of-Plane deflection of the test unit was monitored at the center of the load transfer 

blocks with two linear potentiometers connected to two reference columns, as illustrated in 

Fig.5-19. The specimen lateral deflection was recorded by two linear string type potentiometers 

positioned at the ends of the cap bemn new exterior jointKn, as shown in Fig.5-19. These linear 

potentiometers had a stroke of ±20in. and were used to control the loading sequence during thc 

displacement control load cycles, as described in Section 5.4. 
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Table 5-3 Swnmary of Instrumentation 

Displacement Column Top Curvature 6 
Transducers Column Bottom Rotation 6 

Cap Beam End-Members Curvature 8 

Shear Panel Deformation 15 

Load Transfer Block Horizontal Slip 2 
Load Transfer Block Uplift 4 

Interior Joint Deflection 1 

Test Unit Out-Plane Deflection 2 
Specimen Lateral Deflection 2 

Total 46 

Strain Gages Column Longitudinal Reinforcement 32 

Footing Starter Bars 6 

Steel Shcll Vertical Strain Gages 24 

Column Transverse Reinforcement 42 

Steel Shell Horizontal Strain Gages 36 

Cap Beam Top and Bottom Reinforcement 52 
Cap Beam Vertical Stirrup Reinforcement 50 
Cap Beam Horizontal J-Hooks 6 

Cap Beam Ends Horizontal U-Pins 16 

Tota) 264 

Load Cells and Horizontal Actuators 2 
Pressure Axial Load Exterior Fixtures 4 

Transducers Axial Load Interior Fixtures 1 

Total 7 

TOTAL INSTRUMENTATION 317 
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Fig.S-20 Top of Column External 
Instrumentation 

Fig.S-21 Bottom of Column External 
Instrumentation 

Fig.S-22 External Instrumentation for Joint Panel Deformations at 
InteriorJoint T J 
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5.3.2 Electrical Resistant Strain Gages 

A summary of the strain gages mounted on the reinforcement ofthe test unit is presented 

in Table 5-3. Instrumentation of the reinforcement consisted of electric resistancc strain gages 

prodnced byTokyo Sokki Kenkyujo Co .• Ltd. These strain gages havc a gagelength of 5mm and 

a gage resistance of J 20±0.3Q with a scale factor of2.B. A total of 32 electric resistance strain 

gages were applied on the eolwnn longitudinal reinforcement. and 24 strain gages were 

positioned vertically in the steel shells according to the gage layout depicted in Fig.5-24. In 

addition, two strain gages were applied in the extreme starter bars at each footing as indicated 

in Fig.S-24. The column transverse reinforcement insidc and outside of the joint was 
instrumented with 42 strain gages according to the layout depicted in Fig.S-2S. In addition, 36 

strain gages were positioned horizontally in the steel shells, as illustrated in Fig.S-2S. 

A total of 52 strain gages were applied on the pier cap top and bottom longitudinal 

reinforcement, as depicted in Fig.5-26. In addition, 50 strain gages were applied on the pier cap 

vertical stirrups reinforcement, and 6 strain gages were applied on the horizontal J-Hooks 

according to Fig.5-27. Strain gages were also applied to the cap beam end horizontal U-pins, as 

described in Fig.5-28 

5.3.3 Load Cells and Pressure Transducer 

A total of six load cells were used during testing to monitor the vertical and lateral forces 

applied to thetest specimen. Each of the two horizontal actuators, previously defined in Chapter 

2, and used for applying the simulated lateral seismic forces, contained a calibrated load cell. In 

addition, axial load of the test unit consisted of four axial loading fixtures with the layout 

depicted in Fig.5-29. Each loading fixture consisted of a steel cross beam, two high-strength 

35mm diameter bars inserted through 50.8mm diameter holes in the steel cross beams and tie 

downs, as described in Section 2.1. As depicted in Fig.S-29, the axial loads were applied at 

positions 1, 2 ,3 and 4 with a single hydraulic pump which distributed equal pressure to each 

position, and was monitored with four individualload cells connected to each high- strcngth bar, 

at the tie down end, below the laboratory strong floor. Similarly, at positions A, B ,C andD the 

axial load was applied with a single hydraulic pump, which distributed evenly pressure to each 

position, but the axial load at these positions was monitored with a single pressure transducer. 
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5.4 Loading Sequence of the Test Unit 

Loading of the test unit was performed according to the loading sequence presented in 

Fig.5-30. The first step in the testing procedure consisted of applying the vertical loads for 

gravity load simulation. Following the application of the initial axial loads the test unit was first 

subjected to single cycles lUlderforce control at 25%, 50%, 75% and 100% of the theoretical 

first yield lateral force, V'r of 1,681 kN. First yield of the test specimen was obtained from the 

predictive analysis presented in Chapter 6, and corresponded to the tension yielding of the 

interior column, IC, longitudinal reinforcement. The structure was then loaded under 

displacement control with three cycles applied at each specified displacement ductility level of 

Il" IlH,1l2, Ilj,Il..,Il", andpe· At the displacement ductility Il,. only two cycles were performed 

because offracture in the colllilllliongitudinal reinforcing bars, indicating that the test unit bad 

reached its ultimate limit state. 
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Incremental displacement ductility levels were obtained based on the recorded lateral 

deflections at first yield in both loading directions based on the expression: 

(/,1;11 + 1,1;]/) ~ 
ApI = 

2 V' , (5.5) 

where v,.is the total lateral force at the ideal capacity of the specimen. The ideal capacity of the 

test unit was 2,122 kN, as obtained from analysis corresponding to the concrete compression 

strain in the interior column, IC, when it reached the value of 0.005. The variable ,1~I is the 

lateral displacement at Ild = I, and ,1',1 andA',1 

are, respectively, the experimental lateral 

deflections recorded at fust yield in the push 

and pull directions of loading. In the push and 

pull directions these lateral deflections were 
~ 

" B , 
£ 
" ~ 

v i 
U I ----------------.------~~~e'~ =c 
~ .. ~ 

" 
" 
" ~i 

" !: 
" :: 

Lateral Deflection 

30.92mm and 29.44mm, respectively. Bilinear 

approximation of the test unit seismic response 

is presented in Fig.5-31. Based on the values 

previously described the specimen's ideal 

clisplacement (38.IOmm) was used to calculate 

the specified clisplacement ductility levels. 

Thus, the lateral displacement of the test unitat 

the displacement ductility level of Ild =1 was 

38.IOmm. 
Fig.5-31 Test Uuit Bilinear Approximation 
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6 Predicted Response 

The response of the test unit was predi<.1;ed using a pushover analysis, as described in 

Chapter 3. Since the joints were adequateJy detailed and the cap beam was protected from any 

significant inelastic actions, the plastic hinges were modeled at the top of the colwnns. The 

predicted force-displacement response, column member end forces, joint shear stresses, and 

prediction of cover concrete spalling in columns are some of the theoretical results presented in 

this chapter. 

6.1 Force-Displacement Response 

The corresponding predicted force-displacement response of the test unit is presented in 

Fig. 6-1. The pre-test analysis for the test unit was perfonned using average material properties 

obtained from the material properties presented in the Section 5.2. Concrete compression 

strength at 28 days was used in the analysis with the different batch properties indicated in Table 

5-1, and the reinforcement yield strength for the different bill" types are presented in Table 5-2. 

Because different batches were used in the construction of the columns and cap beam the 

concrete compression strength used in the pre-test analysis was obtained from the average of the 

different batches. Thus, for the column analysis the concrete compression strength wi'lS/,=31 

MPa and for the cap beam analysis the concrete compression strength was/,=35 MPa. 

A list of the expected events determined from analysis is presented Fig. 6-1. Events 1-3 

correspond to response of the test unit at yielding of the pin connection reinforcing bars at the 

footing interface and in columns IC, EC1 and ECl, respectively. Events 4-6 correspond to 

yielding ofthc colwnns longitudinal reinforcement at the cap beam interface in coIUlIlllSIC, EC1 

andECl, respectively. Events 7-9 identify the development of the ideal moment strength at the 

critical section in the plastic hinge regions, which corresponded to the gap region in the top of 

thc columns IC, EC1 and ECl, respectively. The ideal capacity of each column was defmed at 

the moment that develops a strain of s<=O.005 in the extreme compression fibers in the top of 

coillilllls. Allowing for low cycle fatigue of the colunm longitudinal reinforcement due to cyclic 

loading and recognizing that adequate resistance to prevent buckling of the column longitudinal 

reinforcement by the stool shell, rupture of these bars was predicted at a strain of7o/", which was 

based on previous laboratory tests. This is also identified in the predicted force-displacement 

enveloped presented in Fig. 6-1 as Event 10. 
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Theoretical first yielding of the test unit, V;, was taken as the lateral load that induces 

yielding in the longitudinal reinforcement of the interior columnIC The theoretical frrstyielding 

of the test unit was developed at the lateral load of 1,682 kN and the lateral displacement, ,1'" 
of3 J .5nun. Ideal capacity of the test unit, V;, was taken as the theoretical lateral load that induces 

a concrete strain of 6<=0.005 in the interior column IC Ideal capacity of the test unit was 

developed at the lateralloadof2.122 kN and a lateral displacement, J b of67.8 mm. Finally, the 

ultimate capacity of the test unit, Vu, corresponded to the response of the test unit at eveut 10, 

and was developed at the lateral load of2,692 kN and alateral displacement of, J u, 330.2 nun. 
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Referring 10 Fig. 6-1, the predicted )ield displacement of the test unit, A" was computed 

based on the bilinear elasto-plastic approximation of the force-displacement curve according to 

the expression: 

_-c-'(OV,""AO, __ -,VJ'CAO"C)'"AO: __ __ .d v " " , 
Vy(A[ -Au) +.d y (Vu - V,) 

" 38.6mm (7.1) 

and the lateral load at the first yielding, V" was computed according to the following expression: 

, A 
V. ~V __ ,_ =2060kN 

, Y I ' 
A, 

(7.2) 

Displacementductility capacity computed at ultimate response, 11M was obtained based 

on the following expression: 

Au 
p, ,---

A, 
, 330.2 

3&6 
'" 8.5 (7.3) 

Displacement ductility levels computed at different levels of lateral deflection are also 

shown in Fig. 6-1. 

6.2 Column Member End Forces 

Predicted axial load versus shear force and bending moments at the cap beam interface, 

for each column, are presented in Fig. 6-2 and Fig. 6-3, respectively. Due to gravity loads and 

se1fweight, the axial load in the exterioreolumnsECl andEC2 was 1,070 kN and in the interior 

column IC the initial axial was 1,760 kN. Under gravity loads and lateral load maximum 

achieved axial load, shear force and bending moment in the exterior column ECl, were -756 

kN (tension), 792 kN and 3,078 kN-m, respectively. In interior column IC, these loads were 

1,830 kN (compression), 929 kN and 3,623 kN-m, respectively. In exterior column EC2, these 

loads were 2,840 kN (compression), 966 kN and 3,734 kN, respectively. Selfweight oftbe 

columns was estimated at 76 kN, cap beam at 357 kN and load transfer blocks at 220 kN. 
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6.3 Joint Principal Tensile Stresses 

Column member end forces (presented in the previous section) were used to estimate the 

joint principal tensile stresses. The joints of the test unit were desigued using effieierrt force 

transfer models so that the amount of joint shear reinforcement could be minimized. Ajoint 

mechanism, requiring development of strut and ties outside the joint, was choseu for detailing 

of the joints. This mechanism, which requires the least amount of reinforcement within the joint, 

has been studied experimentally at UCSD [3][4][5]. An extensive treatment on detailing joints 

using force transfer mechanisms and experimental verification of joints detailed with cxternal 

strut mechanisms may be found in references [1), 13), (4) and (5). 
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Referringto Fig. 6-4, average princi~ temile stresses in the joint region at the ultimate 

limitstatewereestimatedto bep, = 0.56 V f;,p, = 0.48 {7: andpt = 0.42 {j;inthejoint 

regions at the exterior joint KJI, interior joint TJ and exterior joint KJ2, respectively. 

Consequently, all joints were detailed according to the design models deS<.Tibed in Section 43. 

Estimated principal tensile stresses of P, > 0.29 {f:were achieved in the three joint regions 

between the theoretical first yield, Vy ', and theoretical yield of the specimen, Vy , which indicate 

that joint shear cracking is most likely to develop in this load range. Estimated principal tensile 

stresses of P, ~ 0.42 {i; were developed in the three joints beyond the theoretical ideal 

capacity of the test unit, V" 

6.4 Columns Cover Concrete SpaIliog 

Fig. 6-5 depicts the concrete model used in the modeling of the cover and the core 

concrete. Upper and lower bounds were investigated for spiral spacings that varied from concrete 

fully confined by the steel shell to a spiral spacing of 304.8 nun, which corresponds to the 

column spiral spacing below the cap beam interface. The gap at the interface with the cap beam 

was 50.8 mm. Modeling of the concrete core according to this spiral spacing would seem 

reasonable, however for design and analysis proposes a shorter spiral spacing should be used in 

order to avoid increased demands in the cap beam and joint regions. Because of the uncertainties 

in predicting the effective confmement provided by the steel shell in the gap region at the 

interface with cap beam, a spiral spacing of25.4 mm was used in the model of the core concrete, 

and the cover concrete in this region was assumed unconfmed. 

Based on the concrete model presented in Fig. 6-5, the estimated cover concrete 

compression stresses in this gap region are presented in Fig. 6-6. Referring to Fig. 6-6, onset of 

spalling of the cover concrete was expected between displacement ductility ,.,.5 and liz. and 

significant spalling at the displacement ductility of ).I. was expected. These values matched with 

observations recorded during testing. In addition, Fig. 6-7 depicts the expeeted forees that 

develop in the cover concrete to the corrtribution of the flexural strength of the eolmnn sections. 

Referring to Fig. 6-7. maximum forces that develop in the cover concrete are expected to occur 

bel\veen the displacement ductility 111.5 andllz and a rapid decrease in the contribution of these 

forces to thc flexural strength are expected with significant decrease expected atthe displacement 

ductility Jlo, which correlate with observations described in Fig. 6-6 and during testing. 
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7. Experimental Results 

This chapter presents test observations recorded during seismic testing, and summarizcs 

key experimental results, including force-defonnation and reinforcement strain profiles for the 

columns and cap beam. 

Seismic respouse of the test unit was simulated using a lateral load sequence with fully 

reversed cycles, as previously described in Sectiou 5.4. In the push direction, the lateral load was 

designated as positive and in the pull direction the latcralload was designated as negative, as 

illustrated in Fig.7-1. The complete test setup of the multiple column unit is shown in Fig.5-14. 

+ Push + Push 
• 

- Pull 
• 

Fig.7-1 Loading Scheme Designation 
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7.1 Test Observations 

General test observatiollS that were recorded during the test (i. e. gravity load, and force 

and displacement controlled lateral cycles) are su=arized in the next sections. 

7.1.1 Simulation of Gravity Load 

The first stage in the testing procedure collSisted of applying the axial load to simulate 

gravity loads effects. The axial load was appJied in three stages. Applicationofthe gravity load 

is presented in this section. 

In the first stage, a 306 kN force was applied to each bar present in the axial loading 

fixtures at positions 1,2,3 and 4, (see Fig.5-35). This axial load corresponded to 50% of the 

total axialload to be applied at each of these exterior bars. Next, an axial load of223 kN was 

applied to the interior bars at positions A, B, C and D, (see Fig.5-35). TIlls axial load 

corresponded to 100% of the final axial load to be applied at each of these interior bars. Finally, 

an additional 306 kN offorce was applied at positions J, 2,3 and4, for a total axial load of612 

kN per bar. At this stage, the test unit displayed no signs of distress and the first cycles under 

force control were applied to the test unit. 

Although the axial load was to remain constant throughout the test, some variations were 

encountered in the recorded axial load due to the application of the reversed lateml cyclic 

loading. Fig.7-2(a) through Fig. 7-2(d) depict the gravity load response for load cells 1, 2 ,3 and 

4 during the testing procedure. It can be seen that the axial load recorded in load cells 3 and 4 

were slightly below the target gravity load, beyond the displacement ductility ofp., while load 

cells 1 and 2 recorded axial loads closer to the target load even at large lateral displacements. In 

the pre test analysis, the target gravity load of 612 kN was asswned in each of the bars at 

positions 1,2,3and4. 

Fig.7-3 depicts the axial load measured by the pressure transducer at positions A, B, C 

and D during the testing procedure. Minimum changes were observed in the axial load at these 

positions. 
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7.1.2 Force Controlled Load Cycles 

After application of gravity loads, the first laleralload four cycles were performed under 

force control. At each successive cycle, the test unit was subjected to equal lateral load 

increments that corresponded to 25%, 50%, 75% and 100% of the theoretical first yield lateral 

force estimated in the pretest analysis. In each cycle, when the lateral load reached the peak 

values in the push and pull directions, the test was stopped in order to assess the damage to the 

test unit. Observations recorded during these first four cycles are described below. 

At±O.25~ (V _=+414 kN, V"".=-445 kNj 

During this cycle no signs ofpbysicaJ distress were observed to the test unit, and the 

recorded lateral deflection was ±2.17 mm. 

At '!'O.50Vy (V'""" = +829 kN, V min = -827 kNj 

In this cycle a lateral displacement of ±8.22 mm was obtained. When thc lateral load 

reached its peak value in the push direction, loss of hydraulics to the horizontal actuators caused 

a sudden drop in the lateral load. Loading of the test unit was immediately restarted to thc pull 

direction. In this cycle, flexural cracking was first observed in all three columns in both loading 

directions. In exterior colUlllllECl a single horizontal crack ,vas observed approximately at the 

ccnter of the gap, as seen in Fig. 7-4. In interior colunm IC a single horizontal crack was 

observed immediately above the steel shell. In colUlllll EC2 a single horizontal crack was 

observed at the cap beam I colUlllll interface, as depicted in Fig.7-5. However, at this stage 

flexural cracking in the cap beam was only observed in the vicinity of the exterior colUlllllsECl 

(Push direction) andEC2 (Pull direction), as illustrated in Fig. 7-4 and Fig. 7-6, and no signs of 

physical distress were observed in the vicinity of the interior colUlllll Ie. 

At±O.7SY,. (V n= = +1./48 kN, V"". = -1.IS2 kNj 

At peak lateral loads the lateral displacement was ±14.83 mm. Separation of expansion 

joint filler pads, at the pin connection, was observed in all three columns, as depicted in Fig. 7-7. 

Extension of previous cracks was observed and no damage to the joints had occurred at this 

stage. 
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At ±Yy (V __ = +1,681 kN, V",," =-1,670 kN) 

First Yreld 

The measured lateral displacement in this cycle was ±30.92 mm. First diagonal shear 

cracking in the joint regions was observed in the three joints in both loading directions. Fig.7-8, 

Fig. 7-9 and Fig.7-10 depict the cracking pattern injoint regionsKJ1, TJ andKfl,respectively. 

In addition, cap beam flexural cracking in thc top surface at exterior jointKJ2 was first observed 

in this cycle, as illustrated in Fig. 7-11. 
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Fig.7-4 Flexural Cracking at +0.50v" - Exterior Column ECl 

Fig.7-S Flexural Cracking at +0. 50 v" -Exterior Column EC2 
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Fig.7-6 Flexural Cracking at -0. 50 V. -Exterior Column Ee2 

Fig.7-7 Separation of Expansion Joint Filler Pads at ±O. 75 V. 
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Fig.7-8 Joint Shear Cracking at ±v" -Exterior Joint KJl 

Fig.7-9 Joint Shear Cracking at ±v" -Interior Joint TJ 
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Fig.7-10 Joint Shear Cracking at xv" -Exterior Joint KJ2 

Fig.7-11 Cap Beam Flexural Cracking at ±v" -Exterior Joint KJ2 
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7.1.3 Displacement Controlled Load Cycles 

After the force controlled load cycle up to 100% of the theoretical first yield latcralload, 

the loading pattern was changed from single cycles in force control to three cycles in 

displacement control according to the displacement ductility levels outlined in Section 6.3. In 

the displacement control cycles, the test was temporarily stopped in the first and third cycles in 

the push and pull direction in order to assess the damage occurred to the test unit. 

3 cycles at 11,,= ±J (Column drift = 0.9%, V","", = +1,914 kN, V",;,. = ~/,812 kN) 

Extension of previous joint cracks was observed, as shownin Fig. 7 -12. Flexural cracking 

was first observcd to the top surface ofthc cap beam at exterior column EC1, as illustrated in 

Fig. 7-13. In addition, in this cycle, spalling of the cover concrete in the gap at the column top 

occurred at the interior column IC, as visible in Fig. 7·14. Fig.7-14 shows radial cracks that 

propagate outwards from the interior columnIC, which is a characteristic of strain penetrations 

in the column longitudinal reinforcement. Similar observations were also recorded in the vicinity 

of the exterior columns ECl and EC2, as depicted in Fig.7-15. 

At the end of the third cycle at this displacement ductility level, the test was stopped and 

the testing was continued on the following day after applying the initial axial load as previously. 

3 cycles at 11~=±1.5 (Column drift = 1.3%, V",ox = +2,229 kN, V""" = -2,064 kN) 

Extension of previous cracks through the joint regions was recorded at this stage. During 

the first cycle at this displacement ductility level, onset of spalling of the cover concrete ,vas 

observed at the column top in exterior columns ECl and EC2. At the end oflhe third cycle it 

"'as noted that previous colUIIlll flexural cracks were noticeably widened in all the three columns 

in the craeks that initially developed in the columns interface at the cap beam. 

3 cycles atl1~= ±2 (Column drift = 1.8%, V"",," = +2,304 kN, V"". = -2,136 kN) 

No further significant damage was recorded in either of the cycles at this displacement 

ductility level, and minor spalling of the cover concrete that occurred in columnsEC1 is shown 

in Fig.7-16 
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3 cycles at J.lJ= ±3 (Colunm drift = 2.6%, V""", = +2,532 kN, V min = _1,944 kN) 

Radial cracking at the bottom surface of the beam around the perimetcr of all three 

colUlIlllS was noticeably widened, as illustrated in Fig.7·17. Crack pattern on bottom surface of 

the cap beam in the vicinity of exterior columns ECI and EC2 include similar radial cracking, 

as shown in Fig. 7-17. Based on the pre test analysis it was estimated that at thi~ stage significant 

spalling in the cover concrete would have occurred, as discussed in Section 6.4. However, based 

on Fig. 7-17 it is clear that spalling of the cover concrete was significontly less than predictcd. 

No significant increase in damage in the joint regions was observed in this ductility level. 

3 cycles at J.lJ= ~ (Column. drift '"' 3.4%, V""" = +2,572 kN, V",,"=-2,404 kN) 

No significant changes to the crack pattern in the joint regions were observed at this 

ductility level, as shown in Fig.7-18. Extent of damage to the cap beam bottom surface near the 

interior column Ie is depicted in Fig. 7-19, which shows development of further radial cracks. 

In addition, it can be seen, in Fig. 7-19, that spalling of the cover concrete had not occurred to the 

extent that the longitudinal reinforcement would be visible, as predieted from the rcsults 

presented in Section 6.4. 

3 cycles at J.lJ= *6 (Column. drift = 5.2%, Vm"" = +2,756 kN, V mi. = -2,410 kN) 

The m.aximum lateral force resistance of the test unit was recorded during the first cycle 

in the push direction at this loading stage. Significant damage to the cap beam bottom surface 

concrete was observed near the vicinity of the colUlIlllS (see Fig.7-20 and Fig. 7-21). In the first 

cycle to this ductility level the linear potentiometers measuring rotations at the top of the 

columns were disconnected because of excessive damage in the underside faces of the cap beam 

where these linear potentiometers were connected. In addition, Fig.7-20 depicts the cover 

concrete in the gap region had not yet completely spalled off, which was not sufficiently 

predicted in the pretest analysis, as previously described in Sedion 6.4. 

3 cycles at J.l~=±8 (Column drift '"" 6.9%, V""", = +2,716 kN, V'''i"=-2,360 kN) 

No new joint ('T<lcks were observed, which indicated that colwnn input forces into the 

joint regions did not increase from previous cycles. However, increase in damage in the cap 

beam concrete bottom surface was accentuated in the vicinity of interior column lC and exterior 

column Ee2 (see Fig.7-22 and Fig.7-23). Slight drop in the lateral force was recorded in the 

first cycle atJ.lA=+8xl when compared to that in the first cycle atJ.l~= +6xl. 
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3 cycles 4t JlJ= ±10 (Column drift = 8.6%, V""", = +2,486 kN, V""" = -1,934 kN) 

Endofthe Test 

Fracture of column longitudinal reinforcement occurred in all three columns at this 

ductility level. which implied the ultimate flexural strength of the columns was achieved. The 

fracture first occurred in the column longitudinal reinforcement in the first cycle to displacement 

ductility Jllo, which correlated well with the analytical prediction that fracture of the longitudinal 

reinforcement should occur beyond the displacement ductility Jls, as described by event 10 in 

Fig. 6-1. Post-test investigations conferred that a total of four bars fractured in the column 

longitudinal reinforcement. One each in column EC1 andIC. and two in columnEC2. Fig.7-24 

depicts the displaced shape of exterior columnEC1. The damage to joint regionKJ1 at the end 

of the test is shown in Fig.7-25. Comparable damage limited to only distributed cracking was 
also observed forthe other two joints. This confinned that the seismic behavior of the test unit 

was not significant influenced by the joint response and the details adopted for the joints were 

satisfactory despite the provided reinforcement was less than that required by a procedure based 

directly on shear forces. Fig.7-26 (Push) and Fig.7-27 (Pull) show the crack pattern on the 

bottom surface of the cap beam in the vicinity of exterior columns EC1 and EC2. As would be 

expected from symmetry of the specimen and load pattern the two crack patterns are similar. 

Similar observations may also bc deduced from Fig.7-28 (pull) and Fig. 7-29 (Push). Fig.7-30 

and Fig.7-31 depict the crack pattern on the cap beam bottom surface in the vicinity of interior 

columnlC in the Push and Pull directions, respectively. The extent of damage that occurred 0 

the top and bottom of the columns Me corop;rrable in all the three columns and is shown in Fig.7-

32 and Fig. 7-33. 

In conclusion, test observations continn that failure did not occur in the joints, which 

allowed the test specimen to develop its ultimate moment capacity. Moreover, response of the 

test unit illustrates that the models developed at UCSD for joint design were adequate for the 

seismic design of the joints. Ultimate displacement capacity of the test specimen was 
characterized by low cycle fatigue fracture of the column longitudinal reinforcement and 

matehed satisfactOrily with the theoretically predicted failure mode. Condition of the test unit 

at the peak maximum displacement arc dcpicted in Fig.7-34 and Fig.7-35. 
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Fig.7-12 Joint Shear Cracking at f.lJ= ±lxl - Exterior Joint KJI 

Fig.7-13 Flexural Cracks on Top of the Cap Beam - Exterior Joint KJ1 
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Fig.7-14 Spalling of Cover Concrete and Initiation of Radial Cracks on the Bottom 
Beam Surface - Interior Column Ie 

Fig.7-15 Cap Beam Cracking at Pd= ±lxl- Exterior Joint KJ1 
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Fig.7-16 Extent of Spalling of Cover Concrete at I-l~= ±2xI - Interior Column IC 

Fig.7-17 Cap Beam Cracking at I-l~ = ±3x3 - Exterior Column ECl 
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Fig.7-18 Joint Region Cracking at p,,=±4x3 -Interior Joint TJ 

Fig.7-19 Cap Beam Cracking atp" = ±4x3 -Interior Column Ie 
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Fig.7-20 Joint Region Cracking at )l,,= ±6x3 - Exterior Joint KJI 

Fig.7-21 Joint Region Cracking at )l,,= ±6x3 - Interior Joint TJ 
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Fig.7-22 Damage to Joint Region at f.J.J= ±8x3 - Interior Joint T J 

Fig.7-23 Damage to Joint Region at f.J.d= ±8x3 - Exterior Joint KJ2 
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Fig.7-25 Column Deformation at p.,,= ±IOx3 
Exterior Column Eel 

, ' . ' , 
.~.... 1., 

'! •. 

Fig.7-24 Damage to Joint Region at 11,,= ±IOx2 
Exterior Joint KJl 



Fig.7-27 Cap Beam Cracking on the Bottom Surface 
at J-l~= -lOx2 (Pull) - Exterior Joint KJ2 

Fig.7-26 Cap Beam Cracking on the Bottom Surface 
at J-l~= ±JOx2 (Push) - Exterior Joint KJl 



Fig.7-28 Strain Penetration Damage at f.J.J= -lOx2 (Pull) - Exterior JointKJ1 

Fig.7-29 Strain Penetration Damage at f.J.,,= +lOx2 (Push) - Exterior Joint Kl2 
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Fig.7-30 Strain Penetration Damage at P,J= +10x2 (Push) - Interior Joint TJ 

Fig.7-31 Strain Penetration Damage at p,,,= -lOx2 (Pull) - Interior Joint T J 
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Fig.7-32 Extent of Spalling - Typical at Top of All Three Columns 

• 

Fig.7-33 Extent ofSpalling - Typical at Base of All Three Columns 
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Fig.7-34 Test Unit at p,,= -10x2 

Fig.7-35 Test Unit atp,,=-10x2 
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7.2 Force Displacement Response 

Fig.7-36 shows themeasured total lateral force versus the lateral displacementresporu;e 

of the test llllit along with the predicted response established in Section 6.1. Response of the test 

unit shows that the ultimate flexural strength of the colUillll5 was achieved, as characterized by 

fracture in four of the colUillll5longitudinal barsdueto low cycle fatigue. The test unitdisplayed 

considerable energy absorption capacity with stable hysteretic behavior, as indicated by the area 

inside the experimental force-deformation hysteresis loops. 

Drift(%) 

" """--~ r ._. ""po"im",,"') 

i --+- Analyacal (Pre-Test) 

• FruolUre of Column Bon 

+ EDdofTos, 

·360 -300 ·240 ·180 ·12G ·60 0 60 120 180 240 300 3(;0 

Lateral Displacement (mm) 

Fig. 7-36 Force Displacement Resporu;e of the Test Unit 
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The maximum lateral force applied to the test unit was recorded during the fust cycle at 

the displacement ductility IcvclP6. At this cycle, in the push and pull directions the lateral forces 

were +2,756 kN and -2,654 kN, respectively. During the second and third cycles, in the push 

direction, adrop in the lateral force of approximately 8% and 11 %, respectively, was recorded 

compared to the forces obtained in the first cycle. During the first cycle, in the push direction, 

and at the displacement ductility levelp,,,, the lateral force was 2,486 kN, which corresponds to 

a reduction of approximately \0% from the maximum observed lateral force. This slight 

reduction in capacity can be attributed to spalling of the cover concrete in the gap regions at the 

column top. In addition, before failure of the column longitudinal bars, the maximum achieved 

displacement ductility was P., and failure of the column longitudinal bars was observed at the 

displacement ductility was P, •. 

Referringto Fig.7-36, the pre-test analysis response curve is in good agreement with the 

test results in the early and later stages of testing. However, between the displacement ductility 

p, andP6 there is a slight deviation from the observed response, which is believed to be due to 

delayed spalling of the cover concrete in the test unit when compared to the analytical model. 

7.3 Column Longitudinal Reinforcement Strains 

Strains presented in this section and subsequent sections arc indicated as negative when 

the bar is subjected to compressive strains and positive when subjected to tensile strains. 

Yielding of the column longitudinal reinforcement occurred at ±2250].lS, as detennined from 

uniaxial tensile testing of these bars. 

Strainhistories offour column longitudinal reinforcement gages are presented in Fig.7-37 

and Fig.7-38. Fig.7-37(a) depicts the strain history for longitudinal bar A of exterior column 

Ee2 at the interface with the cap beam. This bar is in compression in the push direction, and in 

tension in the pull direction. Complete strain history is shown only up to displacement ductility 

p", because the strain gage began malfunctioning atp •. Fig. 7-37(a) reveals that this bar yielded 

in tension during the first cycle to -p, in the pull direction, and yielded in compression during 

the third cycle at +p, in the push direction. 

Fig.7-37(b) depicts the strain history for longitudinal bar C of exterior column EC2 at 

the cap beam interface. This bar is in compression in the pull direction, and in tension in the push 

direction. As in bar A, complete strain rustory is shown until failure of the gage atp ,. Fig.7-37(b) 

reveals that this bar yielded in tension during the first cycle to _p, in the pull direction. This 

- J23 -



strain gage began malfimctioning before it reached yielding in compression. Data presented for 

bars A and C indicate a good correlation with the theoretical first yield. 

Fig.7-38(a) depicts the strainhistory for longitudinal bar C of exterior colwnn EC] in 

thejoint region (610 mm above the cap beam interface). Complete strain history is shown only 

up to displacement ductility p" because the strain gage failed beyondp,. On the other, Fig.7-

37(b) presents the strain history for longitudinal bar C of exterior colwnn EC] at 965 mm below 

the cap beam interface. This strain gage was fimctioning properly during the full testing 

procedure. Recorded strains indicate that this bar was close to yielding in tension, which 

indicates the active participation of the longitudinal reinforcement at this location. 

7.4 Footing Starter Reinforcing Bars Strains 

In Chapter 6 it was shown that yielding of the starter reinforcing bars in the pin 

connections was expectedat approximately 50% of theoretical first yield, V,', according to events 

1,2 and 3. On the other hand, Fig. 7-39 reveals that these bars yielded at approximately 100% 

of theoretical first yield and theywerc generally subjected to tension. Such a discrepancy is not 

expected to alter the predicted overall response of the test unit. 
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7.5 Vertical Strains from the Steel Shell 

Conversion of vertical and hoop strains into stresses when in the inelastic range requires 

the use oftedmiques based on an incremental theory of plasticity. However, because the vertical 

and hoop strains in the steel shell were ruther small yielding of the steel shell was determined 

based on a strain ,;,1500 pc. 

In this section and future sections the values shown in the strain profile plots are those 

corresponding to the first cycle peak values. Steel shell vertical strain profiles along vertical line 

A are presented in Fig.7-40, and steel shell horizontal strain profiles at levelS are presented in 

Fig. 7-41. Referring to Fig.7-40, strains at level 5, are higher than at the upper level 4 in both 

loading directions. Depicted in Fig.7-40 and Fig.7-41 are also the corresponding vertical strain 

profiles for the column longitudinal barA at the displacement ductility p" which indicate higher 

strains in the column reinforcing bars than in the steel shell vertical gages at any stage of testing. 

A comparison between the steel shell and column bar strains show that only a partial composite 

action was developed in the instrumented height of the column with a significant contribution 

from the column bars. 
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7.6 Column/Joint Transverse Reinforcement Strain 

Strains were also recorded in the column transversc reinforcement and in the joint 

horizontal hoops as shown in the instrumentation layout shown in Fig.5-25. As previously 

described, steel coupons from the column and joint spirals and hoops did not have clearly 

defined yield points. As a result, yield strains plotted in Fig. 7-42 and Fig. 7-43 were estimated 

at ±2250 lis. Strain histories of the cohmms transverse reinforcement gages are presented in 

Fig.7-42 and Fig. 7-43. 

Fig.7-42(a) and Fig.7-42(c) depict the strain histories of two gages from exterior joint 

KJ2 transverse reinforcement along linesA and C just above the cap beam interface (i.e. level 

4). And Fig.7-42(b) and Fig.7-42(d) depict the strain histories for exterior column EC2 

transverse reinforcement gages along lines A and Cbelow the cap beam interface (i.e. levelS). 

Strains that develop along lines A and C indicate thc confinement strain demand in the hinge 

region, as a result of the applicd axial load and lateral deformations. Referring to Fig.7-42, the 

low level of confinement strains in the plastic hinge regions is due to the fact that steel shell 

provided necessary confinement to the concrete. 

Spiral strains along vertical lines Band/or D are shown in Fig.7-43. Along these lines 

there is a higher participation of shear to the induced strains. In Fig.7-43(a) a sudden strain 

increase at the lateral load ofV=1685kN, V'", and leve13 corresponds to the onset of diagonal 

shear cracking in the joint regions, as described in Section 7.1.2. As it should be expected, the 

demand on the column spirals are low because of the participation of the steel shell in the shear 

resisting mechanism, and there is an active participation of the joint hoops. However, it should 

be noted that joint hoop strains indicate that the yield strength was never reached and the amount 

of hoops provided in the joints was adequate. 
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7.7 Horizontal Strains from the Steel Shell 

As previously described, yielding of the sted shell was defmed at±1500 Jle based on a 

yield strength of 276 MPa. Steel shell horizontal strain profiles along vertical line A are 

presented in Fig.744. Also induded in this figure are the corresponding strain profiles for the 

column transverse reinforcement along line A. As it would be expected, comparable strains in 

the column transverse reinforcement and in the steel shell horizontal gages were obtained. which 

indicate the steel shell was adequate in providing additional confinement to the columns. 

Recorded strains in the steel shell confmns that the thickness of the steel shell was adequateto 

provide necessary confinement to the concrete inftll. 

The horizontal steel shell horizontal strain profiles along vertical line B are presented in 

Fig.7·45(a) and Fig. 7·45(a). M in Fig.744, in Fig.745(a) are also shown the corresponding 

vertical strain profiles for the column transverse reinforcement along ]jne B at the displacement 

ductility 11" and in Fig. 7 ·45(b) are depicted the corresponding vertical strain profiles for thc 

column transverse reinforcement along line B but at the displacement ductility f.I., which indicate 

that hoop strains in the steel shell were below the expected yield strains. These strains develop 

as a result of the input shear force and arc small, which indicate that the section exhibits 

sufficient reserved capacity. 
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7.8 Cap Beam Top and Bottom Longitudinal Reinforcement Strains 

Instrumentation of the test unit included strain gages along the top and bottom 

longitudinal reinforcement of the cap beam, as illustrated in Chapter 3. In this section strain 

profiles developed for the cap beam top and bottom reinforcement are presented. 

Fig. 7-46 and Fig.7-47 show the strain profiles of the top longitudinal reinforcement along 

thc cap beam and in thc vicinity of exterior column Ee2, respectively. Strain profiles depicted 

in Fig. 7-46 and Fig. 7-47 indicate that the yield strength was never developed in the top 

longitudinal reinforcement during testing. The strain gage labeled 8 in Fig.7-47 was located 

beyond the outer column bar bend. Large strains were recorded at position 6 at the colunm face. 

but a significant strain drop from 6 to 8 can be clearly seen. This implies that no significant 

deterioration of bond strength occurred in the stub region, 

Bottom longitudinal reinforcement strain profiles along the cap beam and in the vicinity 

of exterior column EC2, are presented in Fig. 7-48 and Fig.7-49, respectively. Strain profiles 

depicted in these figures show the bottom longitudinal reinforcement response was below 

yielding during the test, except at positionS, as identified in Fig.7-49. A maximum tensile strain 

of +4800 p& at the displacement ductility of P8 was recorded at this location. This is believed to 

be dne to localized cracks and should not be of a concern, because strains at similar locations in 

other joints were below yield strains. As in the top beam reinforcement, small strains were 

recorded at position 8 in Fig.7-49. However, significant strains were induced at position 7 

outside of the column, which is believed to be due to joint force transfer mechanism. 

- 137-



, ,~ 
-~ 
" o 
'Oi 2000-

i! 

J soo 

---Pmh 

--~, 

", 

l O+-"~ , 
u ,~+h.~_, 

,~ 

, ~" 
~ , 
" 
0 .~o • 

Gage Longittldlnal Po<iMn (mm) _ Top L<:mgitudinal Rcinforcement 

(a) Initial Stages ofTestlng 

'u. , 
, 
, 
, 
, 
, 
, 
, , 
,--I 

, 
, 
, 
, 

I TJ ' , 
, 
, 
, 
, 
, 
, 
, , 

---I'lL'" 

--h' 

-----,-,-- "y 

= 

I KJzl , 
, 
, 
, 
, 
, 
, 
, 

Gage Long""dmal Pooition (mru) _ Top Long>lU<hoal Reinfonoetn"", 
(b) Final Stages of TesUIlg 

-e- Gravity 

--Er--- 409kN 

-+- 831kN 

-+- 1150kN 

---+-- 1685l<N 

--+- 1"," ~ 1 

-+- I'I!. = 1 
-4- p~ = 1-5 
-+-

Mf), '" 2 

-a- Jl.!; = 3 --- I"I!. =4 -- '"'11 = 6 

"*' f'~ ,,8 

--- f'~ '" 10 

Fig. 7-46 Cap Beam Top Longitudinal Reinforcement Strain Profiles 

- 138-



~2500-,--------c------ccc---
" j ---~. 
~ l---~" 
.!l 2000---' 

~ 

• • 
] 
" , 
I '"" O~ ________ ,-______ ~,--' ____ --']~, ____ _ 

9500 10000 
Gage Long;'ud;"all'<l"ooo {mm} _ Top LongJmdinal Reinforcement 

(a) Initial Stages of Testing 

~ 6000 ,------------,---------c::::--------g ---Pwh KP 
__ ---M , 
~ 

------,-- ------- <'y 

: L;m;, of'" ~ 
Pilcc.p ;",. , , 

, , 
, , 
, , 
T-----T-o 

, 
, 
, 

(b) Final Stages of Testing 

-e-- Grdv;\y 

-4-_" 
---+- 831kN 

-+- 1150kN 

--+- 16S5kN 

-+- M" ~ j 

-+- 1'" = I 
-+- Mil = 1.5 
--+- 1"& =2 

-B- f'1J. = 3 --- iLl; = 4 

--fr- 1"" = 6 

-*- I'Jl = 8 

-e- I'~ '" 10 

Fig. 7-47 Cap Beam Top wngitudinal Reinforcement Strain Profiles- Exterior Colrunn Ee2 

- 139-



.~ 
" " , 
j 

, 
" .~ 

" " 
" 0 

~ 
" , , , 
" , 
0 
u 

" .~ 
,= 

" " 
~ 4500 

" 
, MO 
"-
.~ 
" '~O 

.~ 
" " , , 
.~ , 
" , 
8 ·1500 

0 

I 
0 , 

, 

---Push 
--~ 

, 
2000 4000 

Gage L<:mg;tudinal Pos.ition (mm)· Bottom L<:mg""Jmal Reinforcement 

(a) Initial Stages of Testing 

:KJl I TJ , 
---l'u>h ' ~, , , 
--~" 

, 
, , , 

, , , 
, , , 
, , , 
, , , 
, , , 

, , , --------,- , --
, 

= Gag< Longitudinal Position (mOl) _ BN"'m L<:mgi,udinal Reinforcement 

(b) Final Stages of Testing 

--B-- GraVity 

--B-- 409kN 

-4- 831kN 

-+- 1150kN 

-+- \685kN 

-+- }J-~ = I 

-+- Mt. = 1 

-+- Mt. = 1.5 
-+-

M~ =2 

-a- M~ =3 

--- I'~ ;4 -- I'~ =6 

""*- I'~ = 8 

--- }J-I> = iO 

Fig.7-48 Cap Beam Bottom Longitudinal Reinforcement Strain Profiles 

- 140-



" 0 "00 

£ 
" r ooo 

"00 

" " -@ 0000 

" " 0 , 
" " -~ 

" , 0 
u 

" j "~ 
~ 
·0 "00 
~ 

---Pwh 

--~" 

"'00 "~ 

, 
, 
, 

: LODgitudinal---...: 
IBm-Ben, 1 
, 
, 

'0000 
Goge L:>og,'ud,oal Po<;Mn (mm) _ Bottom Longitudinal Relnforocmcot 

(a) Initial Stages of Testing 

---!'>lob 
--~ 

I LOngitudi"al~ 
I Bm- Beo' , , 

, 
, , 

-T--- " il , 
, 

-----B- Gravity 

~ 409xN 

~ 831kN 

----4- 1150kN 

--+- l635kN 

-+- }i.!; = 1 

-+- i"1; = 1 
-+- i"1; = 1.5 
-+-

i"1; = 2 

-8- i"1; =" 

---- i"1; = 4 -- i"1; = 6 

-*- }i.~ = 8 

--- i"1; = 10 

Fig.7-49 Cap Beam Bottom Long. Reinforcement Strain Profiles- Exterior ColUlllllEC2 

- 141 -



7.9 Cap Beam and Joint Vertical Stirrup Strain 

Cap beam and joint vertical stirrups strain profIles and four strain histories obtained from 

the interior joint stirrup gages, in the vicinity of interior column/C, are presented in Fig. 7-50 and 

Fig. 7-51, respectively. Strain levels recorded in this reinforcement can betakenas an indication 

of joint performance. Consistent with test observations at first joint cracking, a sudden increase 

in demand in the joint region is seen in the ductility range O[Pl.Q to Pl.'. Furthermore, the strains 

in the reinforcement remained generally below yield up to the displacement ductility levelpr" 

but exceeded the yield strains at larger ductility levels. Although, such high strains were not 

expected, development of strains up to 0.02 at large ductility levels are not detrimental to the 

structure [5], as confirmed by the recorded force displacement response of the test unit and 

fracture of the column bars indicating that the ultimate capacity of the column was achieved .. 
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7.10 Cap Beam Horizontal JointJ-Hooks Strain 

Strain gages were also installed in some of the horizontal J-Hooks located in the joints, 

and strain histories for these gages are presented in Fig.7-52. Gage readings indicate that none 

of the J-Hooks developed its yield strength, with the maximum recorded strains reaching 60% 

of ~Y' However, such large strains confirm that thc horizontal J-Hooks took part in the force 

transfer across the joints. 

7.11 Strain Measurements iu the Cap Beam End Horizontal U-Bars 

In order to prevent the bend at the end of the cap beam longitudinal bars from 

straightening, horizontal U-bars were installed at the ends of the cap beam, as shown inFig. 2-9. 

In Fig.7-S3 is sho'lY1l strain history for these horizontal U-pins at the cap beam ends. Strain 

histories obtained from some ofthesc V-bars are shown in Fig. 7 -53. In all cases low strains were 

recorded, which should be expected since no spalling occurred to the cap beam end cover 

concrete. However, it is not advised that such reinforcement be eliminated unlcss continuity is 

ensured between the top and the bottom beam longitudinal reinforcement [4]. If V-bars are not 

provided, any damage to the ClIp beam end cover concrete is likely to trigger a joint failure, 

which should not be permitted in any circumstances. A further investigation examining 

anchorage of the external strut in the stub of the exterior joint with discontinuous top and bottom 

beam longitudinal reinforcement as in the tcst unit is appropriate. 
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8 CONCLUSIONS AND DESIGN RECOMMENDATIONS 

8.1 Overview 

The full-scale proof test of a bridge bent having three cast-in-place steel shell columns 

was presented in this report. Overall dimensions of the test structure were chosen based on 

typical dimensions found in mulliple colunm bridge bents which have been designed and built 

by the Alaska DOT. The columns in the test unit were modeled from the bottom ofthc bent cap 

to the inflection point, as described in Section 2.1. The behavior of in-ground hinges, which 

develop in multiple column bents with continuous pile shaft/column system, was not investigated 

in this project. In the test unit, steel shells of the columns were tenninated below the cap beam 

to avoid premature damage in the beam by the steel shell during lateral load response. A cap 

beam width of 1.5D, where D is the column diameter, was used in the test unit consistent with 

current seismic design practice [14]. 

The design of the test unit was performed in accordance with the capacity design 

philosophy utilizing resean:h findings from previous studies at UCSD [1][4][5]. The locations 

ofp\astic hinges were selected at the top of the colulUlls and the cap beam was protected from 

any significantinelastic actions by capacity design. When designing the column/cap beam joints. 

emphasis was placed in minimizing reinforcement quantities so that constructable joint details 

were obtained. Anchorage of the column longitudinal reinforcement into the cap beam was 

achieved with straight bar ends since J-hooks or tails at bar ends can also create congestion of 

reinforcement In the joint zones. 

When subjected to an in-plane simulated seismic loading, the test unit exhibited excellent 

response with progressive damage occurring in the predetennined column plastic hinge regions 

as intended in the design. Conclusions drawn from this research study and recommendations for 

seismic design ofmulti-colurnn bents suitable for the State of Alaska and other regions of high 

seismicity are given below. 
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8.2 Conclusions 

Considering the design procedure adopted for the three colunm bent test unit, its seismic 

performance, and processed experimental data, the following conclusions can be drawn: 

(i) The column longitudinal reinforcement of 2.5% adopted. in the test unit, and 

colunm plastic hinge confinement and shear requirements were adequate to develop dependable 

inelastic seismic response forthe cast-in-place steel shell three column bent. 

(if) A maximum system ductility of 8 was obtained for the test unit without any 

significant degradation to its latcralload resisting ability. At this displacement ductility, the 

columns were subjected to a drift of 7%, which is about 50% higher that cxpected in design level 

carthquakes. 

(iii) Terminating the column shells 51 mm below the cap beam soffit avoided any 

damage occurring to the cap beam as aresult of large inelastic actions developing in the column 

hinges during seismic response. 

(iv) The UCSD three component shear model ensured adequate strength in the 

columns and eap beam, which avoided any undesirable brittle shear failure developing in these 

members. 

(v) A minimum embedment length based on a uniform bond stress of 

1.17 ~ f: [ MPa J was provided for the column bars into the cap beam. Developmentofcolumn 

moment capacities in the plastic hinges confirmed that the anchorage details of the column bars 

were adequate. 

(vi) Behavior of the cap beam was satisfactory. As iutended in the design, the beam 

response was essentially elastic with damage limited. to evenly distributed cracking. 

Consequently, the cap beam would not require any repair when the structure is subjccted to 

design level earthquakes. 

(vii) The joint design based on a rational force transfer method significantly reduced 

the amount of reinforcement within the joint. However, the reinforcement provided in the joints 

was sufficient to ensure desirable response for the multi-column bent under seismic loading. 
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(viii) The analytical procedure adopted for predicting seismic behavior of the test 

strLlCture was satisfactory. The theoretical curve underestimated the force resistance of the test 

unitbyup to 8% in the ductility range from 2 t06, which was aconsequence of delayed spalling 

of cover coucrete in the column plastic hinge regions due to the presence of steel shells. 

8.3 Seismic Design Recommendations for Bridge Multiple Column Bents 

Based on the design and performance of the multi-colllIIlIl bent test unit and other 

recently completed UCSD research stndies relevant to the current investigation [lJ[4)[5), the 

following design recommendations are made for seismic design of multi-column bridge bents 

with circular aSS-columns. It is assumed that multi-column bents are designed using the 

capacity design philosophy with hinges forming at the column ends. The live load contribution 

was ignored in the laboratory test described in this report. An appropriate level of live load shall 

be included when detenn.ining the design forces when its contribution is expected to be critical. 

8_3.1 Column Design 

(j) An appropriate level of column longitudinal reinforcement shall be provided 

based on the design moments calculated for the columns. However, to avoid practical difficulties 

in placing and confining large steel quantities, it is recommended that the column longitudinal 

steel ratio be limited to 0.005 :; P,:; 0.04 [1]. 

(ii) In order to ensure sufficient displacement ductility capacity of multi-colUlIlll 

bents, aminimum confinementto the plastic hinge region in accordance with equation (4.7) shall 

be provided. The necessary confinement can be provided in the form of spiral reinforcement or 
by the colllIIlIl steel shell as was done in the test I.Init. 

(iii) To avoid undesirable shear failure in the columns, adequate transverse 

reinforcement shall be ensured using the three component shear model [121 with the modification 

for axial load contribution as discussed in Section 4.1.1. Consistent with thIS model, the required 

amount of spiral reinforcement shall be obtained from equations (4.5) and (4.6) assuming 

flexural-shcarcracking at {I = 35". Based on test results, when steel shell column! pile shaft, are 

used special shear reinforcement will not generally be required. 
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8.3.2 Cap Beam Design 

(i) Designofcap beamshall beperfonned using the typical strength reduction factor 

<{IF 0.9. 

(ii) When joints arc designed usingrational foree transfer models, it is recommended 

that the cap beam shall be designed to remain elastic by accounting for strain hardening of the 

reinforcement and material uncertainties in the columns. 

(iii) When a multi-column bent is designed with a wider cap beam, it is appropriate 

to distribute a portion of the longitudinal reinforcement along the sides as in the test unit while 

ensuring75% of the bottom beam reinforcement passes through the colunm reinforcement cages. 

(iv) For bent caps integral with bridge deck, the contribution of deck and soffit 

reinforcement to the cap beam moment resistance can be accounted for in accordance WIth 

current design practice. 

8.3.3 Reinforced Concrete Joint Design 

In order to reduce the joint reinforcement and improve constructability, the cap 

beam/column joints of multiple column bridge bents shall be designed usmg the procedure 

discussed below. The joint detailing is based on the modified external strut force trausfermodel 

[5] with the principal tensile stress (see equation (4.19) for estimatingp,) as the initial design 

parameter. In deriving the joint design procedure. the required angles for various struts were 

obtained assuming the cap beam depth is between D and D+155 (mm), where 0 is the column 

diameter_ If the depth of the cap beam is outside the above range, the required joint 

reinforcement shall be evallJ3ted using the procedure described in reference [5]. 

(i) When Pi > 0.42 {i: [MPa J, joint reinforeement is obtained assuming that 

about 0.5T, is anchored by the clamping mechanism with the assistance of an external joint strut 

while the remaining tension force is supported by the splice transfer mechanism (see Section 

4.3.3). 

- 151 -



(ii) Accordingly, a bridge teejoint is detailed with the following reinforcement; 

(a) Additional external vertical stirrups in the cap beam with a total area 

equal to: 

(S.1) 

where ",is the overstrength factor of the column longitudinal reinforcement, A", is the total area 

of longitudinal column reinforcement, f,.. is the yield strength of column longitudinal 

reinforcement, and r,v is the yield strength of vertical stirrups. The external stirrups shall be 

provided in the cap bearn over a distance h"from the joint interface as addition to the beam shear 

requirement, where hb is the cap beam depth. 

(b) Internal vertical joint stirrup reinforcement amounting to: 

(S.2) 

(c) Volumetric ratio of the joint horizontal reinforcement (hoops) equivalent 

to the greater of: 

P .;, 0.29 • 

/," 
f"h 

a {MPaj 
/" 

(S.3) 

(SA) 

where I, is the anchorage length of the column bars into the joint and f'h is the yield strength of 

the joint hoop reinforcement. The reinforcement requirement of equation (S.3) is to resist a 

tension fo= O.25Tc within the joint while the requirement of equation. (S.4) is to ensure some 

tensile resistance when cracking occurs in the joint. Derivations of the above equations may be 

found in reference [1]. It is suggested that the required horizontal spiral reinforcement be 

distributed over the entire embedment length of the column reinforcement. To simplify 

construction procedure, this reinforcement may be provided as lap welded hoops rather than 

continuous spirals. 
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(d) Area of additional top beam longitudinal reinforcement amounting to: 

J Atb ~ 0.17 ) •• A .. i y
•
c 

i y•b 

where fVb is the yield strength of the beam longitudinal reinforcement. 

(8.5) 

(e) Area of additional bonom beam longitudinal reinforcement equal to: 

JA ~O.lSl A !,.c 
bb • ,cJ, ". 

(8.6) 

In the above equations, the material properties may be approximated to: 

1. A,= 1.4 with an assumption off,< = f" = f,b = f,b. or 

2. A. = 1.3 with actual measured values oft~o f", f,b and f,o 

(iii) A bridge knee joint subjected to opening momentg is detailed using the 

procedure described for the tee joint except that no additional beam top reinforcement given by 

equation (8.5) is required. Furthermore, beam longitudinal reinforcement shall be provided as 

continuous reinforcement through the joint or an alternative detail as adopted in the test unit 

ensuring anchorage of the joint SlIUt resulting from the splice mechanism (i.e., at node F in Fig. 

4.8(a) ). 

(iv) No special reinforcement is required for a bridge knee joint subjected to doging 

momentg when it is designed for opening moments as recommended above. However, it is 

suggested that the vertical portion of the continuous beam longitudinal reinforcement shall be 

located approximately at hJ2 from the outer face of the exterior column. 

(v) If the beam longitudinal reinforcement is rwl provided as continuous 

reinforcement, then the knee joint shall bedetailed with additional top beam reinforcement equal 

to the amount given by equation (8.5) to ensure satisfactory joint force transfer under closing 

moments. 

(vi) When P, :; 0.29 {f: [MPa 1. joint reinforcement is reduced to nominal 

requirements with no additional steel in the cap beam. Nominal joint reinforcement shall satisfy 

the following details [1]: 
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(a) Vertical joint reinforcement amounting to 

~ 0.06251
0 

A,e !y,< 
!y" 

(8.7) 

(b) Volumetric ratio of the joint horizontal reinforcement all required by 

equation (804), 

(vii) When 0.29 {i: ,; P, ,; 0.42 {i: [MPa J, a linear interpolation of the 

reinforcement reql.lired for the two principal tensile stress limits can be used. 

(viii) In all cases, colUIIlll bars shall be extended as dose to the top beam longitudinal 

reinforcement as possible with a minimum cmbedment length into the joint as given by: 

(8.8) 

(ix) All the vertical stirrups in the joint region shall be provided as closed ties with 

appropriate number of crossties in accordance with recommendations in currcnt design practice 

(c.g.,reference [14]) 

(x) When the column framing into ajointisdetailed with longitudinal reinforcemcnt 

ratio P, > 3%, a minimum joint concrete strength of 35 MPa shall be specified [4]. 

(xi) Termination of the connection reinforcement below the cap beam shall be based 

on an average bond strength of 0.80 MPa, which is consistent with values found in reference 

[11]. The connection reinforcement lap length shall be computed based on the development 

length of the stccl shdl or thc subgradc moment profilc, given by: 

(8.9) 

wherc I"", is the distance from the cap beam interfacc to termination of the connection 

reinforcement, and Liffis the distance to the point of inflection A, as depicted in Fig. 8-1. 

(xii) In order to avoid local buckling of the steel shell the concrete infill shall extend 

beyond the subgmrle hinge to adepth where the moment demand is less than 50% of steel shcll 

yield moment, as depicted in Fig. 8-1. 
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Further specialized studies, as illustrated by studies perfonned by Hudek et al.(7), 

examining tennination of the connection reinforcement and concrete infill below the cap beam 

interface shall provide additional data to substantiate these recommendations. 

SeisIn'c Force 

,­
Joint "­

JoinT 

(0) Three Column Bent 

Joint 

(b) BM!) 

Fig.8-1 Multiple Column Bridge Bent 

(c) Longitudinal 
SectIOn 

(xiii) A displacement ductilityofp .. =:4 shall be set as the maximum limiting ductility 

capacity for the design of these steel shell columnfpile shafts multiple column bents. 

When a multiple column bridge bent is designed based on the above recommendations, 

a ductile seismic response can be expected up to the design drift limit state. 
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